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Abstract 
Historical failure of dams and then impact on the environment created immense disaster 

in terms of loss of human life and property. A disaster is associated with risk and 

therefore needs a thorough investigation for its possible outcomes and safeguards. 

Therefore, study of risk associated with each dam is becoming an important activity to 

prevent and mitigate the consequences of its failure. To understand the dam break 

process, many researchers have investigated the work by using distorted physical model, 

numerical simulations or experimental coupled with numerical based approaches. To 

quantify the risk associated with dam break, one needs to understand the breaching 

process that leads to predict breaching parameters. This research is focused on three 

main objectives, empirical equations are proposed for estimation of breach parameters 

and peak outflows by using data of past dam failures. It is known fact that the resultant 

flooding at the downstream reaches due to an overtopping failure of the earthen dam is 

reliant on breach formation process and the erosion rate of compacted soil.  Therefore, 

the second objective is to carry out the overtopping failure of 22 embankments that are 

experimentally investigated that are constructed with different soil properties, 

compaction moisture content and compaction energy. The purpose is to understand, how 

these breach parameters are affected by the change of soil properties, compaction 

moisture content and compaction energy. The final breach shape and parameters 

recorded in the experiments show remarkable change for each failure. The results testify 

a high correlation between compaction moisture content with the erosion process. Also, 

the effect of embankment cracks on overtopping breach failure is studied. It is seen that 

embankments with large dry density erode faster as compared to the  embankment with 

low dry density because of the developments of deep and long cracks in the former. 

Further, MIKE 11 (1-D) hydrodynamic model is used to estimate the consequences of 

overtopping breach failure for four earthen dams in the Brahmani River besin in term of 

water levels, travel time of flood waves, flow velocities and flood inundation. The dams 

included in this study are Mandira, Kansbhal, Pitamahal, and Rukura. Location of these 

dams is such that release of water from these dams directly affects the flow in Brahmani 

River, leading to Rengali dam. For this analysis, breach equations developed in the 

present study is used to predict the breach parameters. Failure of these dams shows 

sudden rise in flow and water level at Brahmani River that gives rise to dangerous 

situation at the downstream coastal areas. Further, the Rengali dam gate operation and 
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its impact on downstream areas are also investigated. The flood inundation maps are 

prepared and presented which helps in making the emergency action plan for dam break 

scenarios.  

 

Keywords: Cohesive soil, Compaction energy, Compaction moisture content, Dam 

breach parameters, Flood inundation, and Peak outflow. 
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 Chapter 1   

Introduction 

1.1 Problem Definition 

Water retention structures such as dams and dikes are becoming a boom to the society 

by providing basic needs to the mankind by supplying water for drinking, irrigation, 

industrial needs, generating electricity and by controlling flood events for over the 

centuries. However, if an earthen embankment fails, it brings immense sorrow to the 

society. The flash flood generated due to failure of embankment, brings catastrophic 

disasters to the downstream (d/s) areas.  Therefore, dam break analysis for each dam is 

gaining interest and is a must for the present day. Dam break analysis includes data 

collection, estimation of breach parameters, estimate dam breach outflow at the 

downstream, preparation of inundation map and then preparation of emergency action 

plan. The degree of misfortunes is incredibly relying on the rate of development of 

breach in the embankment, which determines the outflow through the breach channel. 

Dam failures and their resultant flood is dependent on the breach initiation time, breach 

formation time, breach width, breach height and the peak outflow. Each one of these 

factors has significant impact on the hazard to life and property at the downstream of a 

dam. The rate of inundation of downstream regions depends on the breach formation 

rate. Hence, the first and important step in dam break analysis is to predict accurate 

breach parameters. In this way, modelling of breach advancement in embankments is of 

prime interest for hazard examination and risk analysis. It is likewise important for 

developing frameworks for early warnings and evacuation plans for embankment 

failures.  

So, a reliable and accurate mathematical model needs to be developed for breach 

evolution and for analysing the impact of dam break floods on downstream regions. It 

has been noticed and reported by many authors that generally failures have taken place 

for earthen embankments, mostly due to overtopping. For the past sixty years, the 

research for developing reliable mathematical model for embankment failure 

mechanism has gained too much interest but due to its complex nature still it is far away 

from the reality. There are limitted mathematical models available for breached outflow 

as well as for routing of breached outflow to the downstream reaches. Generally, the 
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hydrograph generated from breach can be described by its peak outflow and time-to-

peak.  Breach evolution rate as well as peak outflow and time-to-peak can be anticipated 

using empirical and dimensionless models, parametric models, and physically-based 

models (Wahl, 1998). Empirical equations may give quick evaluations for determining 

the characteristics of embankment breach, yet they don't give a full portrayal of 

breached outflow hydrograph which is required for routing of flood. On the other hand 

physically-based mathematical models utilize both numerical and analytical methods for 

evaluating the breach outflow hydrograph. Prior to the development of such methods the 

physical processes involved in embankment breach failure must be known. After 

estimating the breached outflow hydrograph, the flood is routed downstream to 

determine the flood prone areas and the reach time of flood. The quickness of 

evacuation team in case of embankment failure disaster is presently dependent upon 

how fast the warning and reaction time is issued. Graham (1999) explained that the 

casualties can be avoided if the warning time is more. The notice time of 15 minutes 

will probably cause human losses 2,500 times more prominent than an hour and a half 

cautioning time. But without the accurate prediction of breach characteristics it has no 

meaning of routing flood hydrograph at downstream valleys.  

Back in sixty years, the bank break issue has tested scientists and crisis 

administration organizations because of the mind boggling nature of the rupture wonder. 

A few endeavours at creating numerical models have since been utilized to mimic 

rupture disappointments and foresee the break outpouring hydrograph. Several efforts 

have been made in developing numerical models of the complex nature of the breach 

phenomenon. The breach mechanism is affected by not only due to hydrodynamic 

forces but also on the geotechnical properties of embankments. It is more challenging to 

numerically couple the nonlinear physical processes governing a breach in 

embankments, due to a high fluctuation in the soil properties which in terms can be seen 

in erosion mechanisms between cohesive and noncohesive soil. In the past many 

experiments are performed on noncohesive embankments but very less on cohesive 

embankments. The problem is that the cohesive embankments are difficult to fail in 

laboratory experiments as compared to noncohesive embankment. Due to the complex 

nature of overtopping breach evolution of cohesive embankments, it is not feasible for a 

model to incorporate all of the physical processes governing an overtopping breach 

failure. To incorporate the most dominant mechanisms and neglecting the less 

dominated one in the model, we require a lot of experimental data and their analysis. 
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1.2 Research Needs 

One of the vital steps in dam break modelling is the accurate prediction of the breach 

outflow hydrograph and towards this many fields and laboratory experiments has been 

carried out for different aspects like embankment geometry, construction parameters, 

soil texture and hydraulic conditions. Following the literature review, it can be said that 

significant lack of understanding on geotechnical aspects as well as construction 

parameters of embankments that dominate the breach mechanism.  

There are many geotechnical aspects of cohesive embankments that are neglected in 

laboratory study but have significant effect on beach mechanism. Some of them are soil 

properties, compaction moisture content and applied compaction effort while 

construction, moisture content of embankment soil prior to the overtopping, and the 

cracks developed in the embankment. A research need is observed to understand these 

aspects in laboratory experiments governing an embankment breach. There is need to 

correlate these geotechnical aspects with breach parameter using laboratory data as well 

as real dam failure data. Further, how these correlated equations behave in evaluating 

some case studies are required to understand. Apart from experimental investigation of 

dam breach, the breached flood from real dam failure is studied using the numerical 

model MIKE 11. The study area chosen in this research is Brahmani River which is 

known for its flooding nature. In this river a number of dams have been constructed to 

control the flood scenarios in the downstream areas but what if these dams fail? The 

consequences of this are devastating. It is reported that for out of 24 spillway gates just 

opening of five gates of Rengali dam (second largest reservoir in Odisha), the 

downstream areas comes under high alert leading to flood at many places. Therefore, the 

need of thorough research on the failure consequences is required for this study area. 

Further, the developed breach equations in this research is applied to see the usability of 

these equations compared to other developed equations to study the propagation of flood 

generated by overtopping breach failure of dams.  

 

1.3 Scope 

The scope of this research is primarily focused on collecting data through experiments 

and correlating geotechnical properties with breach development. The cohesive 

embankment models constructed with different conditions as well as soil properties are 

made to fail by overtopping. This study also brings some geotechnical or other factors 
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which has not been studied or may have been neglected or may not have considered 

significant in predicting overtopping breach. Researchers who are working on 

establishing numerical models for dam breach predictions can use this data to refine 

their models. Another scope of study is to analyse the causes of dam failures in India 

and also to collect relevant data so that the repository of case study data is increased. In 

this research, breach parameter equations are also developed using dam failure case 

study data and usability of it are confirmed by comparing it with other breach parameter 

equations. Moreover, the dam break study is also conducted on four dams to know the 

consequences of it on downstream areas in term of water levels, travel time of flood 

waves, flow velocities and flood inundation. In this study the dam soil are collected and 

tested in laboratory to know their geotechnical properties which are required in erosion 

based breach model in MIKE 11. These results can be used by dam owners to analyse 

the flood prone areas and to prepare the emergency action plan. 

 

1.4 Research Objectives 

The overall objective of the work is to understand the overtopping breaching process for 

earthen embankments and the routing of the generated flood waves to the downstream 

valley with the help of hydrodynamic models. The research carried out in this thesis can 

be categorized into four broad Sub-themes:  

1 To study the Indian dam failures history and compilation of relevant data. 

2 To developed empirical equations for breach parameters for Indian dam failure 

conditions. For this Indian dam failure data along with the data of past dam failures 

all over the world is collected and used. 

3 To experimentally investigate the breach information of overtopping failure of 

modelled cohesive embankments based on its (a) construction parameters, and (b) 

soil properties. Further, the experimental data is used to develop the breach 

parameters equation.  

4 To apply the output to analyse the impact of four dam on Brahmini River using 

MIKE 11 (1-D) hydrodynamic model to simulate flood hydrographs at the 

downstream regions and the propagation of flood wave generated by overtopping 

failure. To accomplish the above broad theme, following specific objectives have 

been set out: 
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(a) To study the effect of individual failure of Mandira, Kansbahal, Pitamahal, and 

Rukura dam on Brahmani River. 

(b) To study the effect of combined failure Mandira, Kansbahal, Pitamahal, and 

Rukura dam on Rengali dam located on the main river Brahmani.  

(c) To study the impact of release of water from Rengali reservoir on downstream 

coastal areas due to (a) combined failure flood entering the reservoir, and (b) 

probable maximum flood (PMF) entering the reservoir. 

 

1.5 Contributions and Novelty of Research Program 

The effect of soil composition on subsequent failures or breaching of embankments 

caused by overtopping is studied that includes the study of construction and breaching 

of embankments in the lab with different soil compositions and properties were tested. 

Sand was mixed with cohesive natural soil in various proportions so as to obtain the 

desired form of embankment soil. The experiment reveals that the rate of formation of 

the breach and the final breach parameters are affected by the embankment soil 

properties. The experimental results indicate that soil mean grain size diameter is an 

essential factor in determining the breach initiation time and the breach formation time 

and is more so in determining the breach width, the peak outflow, and the outflow 

hydrograph. With the increase in fine particles in the soil composition, the breach time 

increases up to a certain threshold limit and subsequently decreases. The decrease in 

breach time for soil with higher fine particles after a threshold limit is not substantial 

and still requires a sufficient period of time to breach. The research observations and 

conclusion made in this study provide an essential basis for relating the breach 

parameters with the soil properties for the future investigation of the physical models. 

More studies are required to evaluate the relationship and dependence of the breach 

parameters on the soil parameters at different hydrodynamic conditions. 

The empirical relationship developed for breach parameters helps in understanding 

the effect of soil properties. The soil cohesion (C), dam dry density (ρdry) and dam 

height (hd) are lumped to a single dimensionless factor termed as the embankment soil 

factor. The new dimensionless control variables, such as embankment soil factor, 

relative compaction effort and mean grain size diameter, are tested for developing the 

relationships. The suitability of using these relationships for other laboratory 
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experiments and field embankments need to be verified further by conducting more 

experiments in larger scale. 

For the first time the effect of embankment cracks on overtopping breach failure has 

been studied. It is found that the large dry density embankment erode faster as compared 

to low dry density embankment because of the developments of deep and long cracks in 

former. These cracks provide path to the water and start saturating the inner dry soil of 

embankment that reduces the apparent cohesion between soil particles, which in terms 

seen as quick failure due to overtopping. The research observations and conclusion 

made in this study provide an important basis in relating the breach parameters with 

compaction moisture content and compaction energy for the future investigation of 

physical models. 

The work presents, for the first time, the dam failure cases in India with relevant 

data that can be used for developing breach parameters equation. Bureau of Reclamation 

(1988), Froehlich (2008), and Xu-Zhang (2009) equations are used to predict the peak 

outflow and breach parameters for Indian dam failures. Froehlich (2008) equations 

provide the best results compared to other researchers for Indian dam failures.  

The new equations based on 156 dam failure cases using both linear and nonlinear 

multivariable regression methods for predicting embankment breach parameters and 

peak outflow rate is developed. The best peak outflow prediction model was developed 

and selected by inserting each non-dimensional breach parameter as a predictor with the 

combination of five other predictors (dam height, reservoir volume, dam type, failure 

mode, and dam erodibility). 

The examination of geotechnical parameters in this investigation would be critical to 

incorporate into future numerical models which, unlike their execution at present, ought 

to capture the physical idea and data of breach growth.  The investigated parameters 

allow researchers to be incorporated in establishing new relationships for breach 

parameters. The difficulties and limitations in the process of establishing cohesive 

embankment models in laboratory in this research helps the researchers to prepare some 

guidelines of do’s and dont before conducting the experimental study of overtopping 

failure of cohesive embankment in small scale models. 
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1.6 Organization of Thesis 

Chapter 1: Introduction to the problem defining, research needs, scope and objectives of 

this research is discussed. 

Chapter 2: The aim of this chapter is to give relevant background information on history 

of dam failures around the world along with the cause of failures. The basic of dam 

breaching process is discussed along with existing breach prediction models for 

estimating dam breaching parameters are summarized.  

Chapter 3: It deals with various subsections on the literature reviews explaining the 

research progress till date in relevant field of breach parameters prediction.  

Chapter 4: It focuses on developing new empirical equations using a multivariable linear 

and nonlinear regression models for predicting breach parameters and peak outflow. For 

the first time Indian dam failures history, cause of failure and compilation of relevant 

data for developing breach parameters equation are incorporated in this chapter.  These 

developed equations are studied for Indian dam failure cases. 

Chapter 5 and Chapter 6: The chapters focussed on collecting and analysing the 

experimental data. The laboratory experiments are carried out on modelled earthen 

embankments to study the breach formation due to overtopping failure. In chapter 5, the 

embankments are built for different construction parameters and then the variation in 

breach formation is analysed. In chapter 6, the overtopping failure of embankments 

constructed for different soil properties is analysed and empirical equations are also 

developed from the experimental data relating breach parameters with geotechnical 

properties.  

Chapter 7: The breach equations developed in previous chapters is used for analyzing 

the propagation of flood generated by overtopping breach failure of four earthen dams. 

The dams that are included in this study are Mandira, Kansbhal, Pitamahal, and Rukura 

situated at the upstream of the Rengali dam. The location of these dams is such that 

release of water from these dams is directly affecting the flow at Brahmani River.  

Chapter 8: It includes conclusions along with a summary of each section of research 

work followed by the scope for the future work and list of references cited in this thesis. 

Appendix A: Compilation of dam failure data from all over the world. 

Appendix B: About MIKE by DHI numerical model (MIKE 11). 

The Interconnection among the research contents in the thesis is shown in Figure 1.1 
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Figure 1.1: Interconnection among the research contents in the thesis 

Experimental Study of 
Embankment Breach Based on 

Soil Properties 

Experimental Investigation of 
Embankment Breach Based on 

Construction Parameters 

Developing Database of Dam 
Failure 

Collecting Data from Indian 
Dam Failure Case Studies 

Development of Breach 
Parameters Equation 

Study of Effect of Dam 
Failures on Brahmani River 
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 Chapter 2  

History of Dam Failures and their 
Characteristics 
For every structure, there is a limit to which it can withstand the applied forces. An 

unexpected and unforeseen natural event increases the applied forces that might trigger 

the failure of the structure. Potential dam failure is one of such events which produce 

flash flood that causes significant loss to human lives and property. The history of 

embankment failure is long but the reporting is few. The devastating consequences due 

to a potential dam failure can be seen throughout the history. This chapter is aimed to 

provide a background and history on embankment failures and breach characteristics. 

Some insight to the general aspects is given on classifications of embankments, causes 

of embankment failures, history of failure across the world as well as in India with some 

case studies. Further, the overtopping failure mechanism and breach formation of 

earthen embankments is discussed. 

 

2.1 General Classifications of Dams 

On the basis of construction characteristics, International Commission on Large Dams 

(ICOLD) divides dams into two major groups (1) Embankment dams (erodible type) 

and (2) Concrete (nonerodible type). Concrete dams are built of concrete (nonerodible) 

material and can further be distinguished as gravity dams, Arch dams, Buttress dams, 

etc. Gravity dams are nearly triangular in cross-section and also resist water pressure by 

their own weight. Concrete dams accounts for two thirds of the total members. Arch 

dams transmit most of the water load into the valley sides or large concrete thrust 

blocks. Buttress dams have the water load transmitted to triangular buttresses parallel to 

the direction of river flow.  Multiple arch dams consist of a number of small arches 

bearing on buttresses. 

Embankment dams are made by compacting earth materials and are of several types 

as shown in Figure 2.1. Embankments can be classified into two main types: natural and 

man-made. Natural dams are formed due to natural clematis such as the earthquakes, 

landslides, volcanic activity and others. On the other hand, the manmade embankments 

can be classified as river or coastal dikes, earthen dams and rockfill dams. Earthen 

embankments are homogeneous or non- homogeneous (i.e. composite or zoned). 
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Homogeneous embankments are made of one type of soil mostly clay or silty-sand, 

while in non-homogeneous embankments, the core material is different from the outer 

shell. The core may be comprised of any of fine particle soil such as clay, silty-clay, silt 

or silty-sand and the outer shell is made of a coarse particle soil. 

 

Source: Adapted from Foster et al., 1998 

Figure 2.1: Types of embankment dams 
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2.2 Causes of Embankment Failures 

The advent of knowledge on engineering construction technology has helped the 

engineers to construct dams with more suitable design and factor of safety, but the 

nature is more powerful. The cause of dam failures can be earthquake, landslides, 

extreme storm, piping, equipment malfunction, structure damage, foundation failure, 

sabotage (USACE Hydrologic Engineering Center (HEC). Most of the dams failed 

around the world are earthfill dams. According to ICOLD survey on 135 dam failures 

(more than 15 m high dams) 72% of dams are earthfill and rest are concrete dams. 

Earthen embankment failures (Figure 2.2) may take place due to anyone of the 

following causes: (1) overtopping, (2) piping/seepage, (3) seismic loading and (4) slope 

instabilities/sliding. 

 

 
Source: FEMA:DR-4285-NC / DR-4286-SC TA – 3: Dam Awareness (December 2017) 

Figure 2.2: Common failure modes 
 

Overtopping Failures: Overtopping failure of earthen embankments can be defined  

as the failure which triggers only when the reservoir water overflow the embankment 

crest leading to the erosion of downstream slope. Overtopping of embankment can occur 

due to many reasons: inadequate spillway capacity, inadequate height of spillway, debris 

blockage of spillways, operation failure of spillway gates, sudden cloud burst at 

upstream catchments, sliding of large earth block in to the reservoir, Reduction in 

reservoir capacity due to sediment deposition, waves induced in reservoir due to 

earthquake, and ice avalanches and others. 

Piping Failures: Dam internal erosion caused by seepage forming sink holes due to 

uncontrolled seepage leads to piping failure. Underground erosion in dams are caused 
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due to cavities, cracks induced in rock, or other large openings in which particles of soil 

can be washed and carried away by seeping water. Then this type of erosion progresses 

underground and it result in an open path for flow that is known as “piping.” 

The favorable condition for piping is the absence of gradation filter between two 

different sizes of soil particle or design of the gradation filter is not sufficient to prevent 

the flow. The mechanism of piping failure yet need to be properly understood, although 

geotechnical investigations after dam failure identified that the foundation defects is the 

root case for piping. Onda and Itakura (1997) mentioned that piping may also occur due 

to burrowing activity, roots growth, cracks and fissures that causes the weakening of 

shell material of upstream and downstream slopes. 

Earthquake Failures: This type of failure is not exceptionally normal and can be 

somewhat cataclysmic to earthen embankments compare to masonry dams. In this type 

of failure, there is sudden increase in Pore Water Pressure (PWP) that may cause the soil 

to lose its holdig capacity and eventualy starts soil erosion or may be sliding of slopes or 

collapse causing the lowering of embankment crest.  

Slope Instability: The rapid rise and drawdown of water in the reservoir may cause 

increase in residual Pore Water Pressure that reduces the soil strength of upstream slope 

of embankment’s and eventually causing a slide of bulk of soil downward into the 

reservoir leading to an overtopping failure. The similar slide can be happened for 

downstream slope if the deep layers of soil become saturated in an event of high 

intensity rainfall. 

 

2.3 History of Embankment Failures 
 
2.3.1 Around the World 

Case studies related to embankment failures are reported extensively. Wahl (1998) 

compiled 98 dam failures cases along with the causes of failure, dam type, geometry, 

and breach parameters. The data is also known as super compilation and that can be 

used for developing relationships for finding the breach parameters. Xu and Zhang 

(2009) included several dam failure cases that occurred in China. Singh and Snorrason 

(1984) included 20 dam failure histories in his study. MacDonald and Langridge-

Monopolis (1984) incorporated 42 cases of dam failure in his studies. Von Thun and 

Gillete (1990) used data of 57 dam failure cases and for the first time included 

erodibility factor in developing failure time equation. 
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Banqiao Dam: An earthen embankment in China is known as the worst dam failure 

of the world. It had failed due to overtopping in 1975 causing causalities of more than 

85000 people. On 4th August, 1975 a storm of 2,000 year return period caused 544 mm 

precipitation over 24 hr in the Banqiao catchment, increasing flow in the Huai River. 

The dam was designed for 306 mm of precipitation per day, and was not capable of 

taking 24% increased volume on the system. This lead to the overtopping of the 

embankment, disintegrating it rapidly, because of the ineffectively compacted soil (XU 

YAO, 2010). In France, the first ever dam safety legislation was introduced after the 

failure of concrete dam Malpasset in 1959 in which 433 people lost their lives. 

Andrew T. Rose, 2013 in his paper reported three dam failures viz South Fork Dam, 

Austin Dam, and Laurel Run Dam.  

South Fork Dam: The dam was constructed in 1852. The original earth and rock fill 

dam was 21.9 m high and 279.8 m long with a width of 3.048 m at the crest and 67 m at 

the base. In 1862, a portion of the culvert had collapsed causing a portion of the dam to 

be washed out. A 25.9 m wide spillway was cut through rock on the eastern abutment. 

The heavy rainfall, a lower spillway capacity, and the low point of the crest near the 

center of the dam due to settlement, were perfect conditions for disaster of dam. The 

dam was overtopped and failed on 31st May, 1889 releasing 20 million tons of water 

flooding Johnstown, claiming 2209 lives.  

Austin Dam (1911) Failure:  After snowmelt and heavy rains in January, 1910 the 

dam was subject to higher inflows resulting vertical cracks. Some seepage on the 

downstream (d/s) face below the toe was observed.  In addition, the water started 

flowing over the spillway to release the additional water. Bayless Company created 

small section of about 1.8 to 2.4 m on the crest using dynamite blast. On 30th September, 

1911 when the reservoir was at full level, a massive concrete blocks washed away 

releasing large volume of water to the downstream that took almost 78 lives of human 

beings. 

Laurel Run Dam: An earthen embankment built in 1918 had failed in 1977. On 20th 

July, 1977, heavy rainfall of 300 mm in a day (500- return period storm) increased the 

inflow to the dam and due to inadequate capacity of spillway the dam was overtopped. 

In addition, the embankment was constructed using hydraulic fill that had low resistance 

to erosion. The break of this dam took 40 human lives Figure 2.3a show Laurel Run 

dam failure after the breach. 
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Vajont dam (Italy) failed in October, 1963 (Figure 2.3b) due to landslide of heavy 

blocks of earthen material into the reservoir causing the overtopping of water wave to 

about 100 m high and flooding the d/s valley taking casualties total of 2000 people.  

Baldwin Hills Dam failure in 1964, close to Los Angeles, California, and nearby failure 

of Lower Van Norman (San Fernando) Dam in 1971 incited the State of California to 

pass regulations requiring dam proprietors to get ready the inundation maps for dam 

failure scenarios. Thus, the requirement for creating methods for evaluating the breach 

parameters and failure hydrograph had begun. Earlier than the regulations made by 

Government body of California, very few was published in the literatures regarding the 

evaluation of breached outflow hydrographs and its routing to the downstream areas.  

Taum Sauk Upper Dam was failed due to overtopping (Figure 2.3c). In the wee hr 

of 14th December, 2005, the dam was overtopped because of an instrumentation 

breakdown and the breach occurred rapidly releasing 5,303,964 m3 of water. The dam 

was 42 years old when it failed. 

St. Francis dam was failed in 1928 due to sliding; subsequently creating large 

breach draining the whole contents of the reservoir in under 72 minutes (Figure 2.3d). 

The flood voyaged 87 km from the dam to the Pacific Ocean in a 5 hour and 30 minutes. 

The dam was only 2 years old when it failed. St. Francis Dam had a height of 57.3 m, 

and the reservoir volume at the time of failure was about 46.87 x 106 m3. The reservoir 

was around 0.9 m underneath the embankment crest level before the starting of dam 

failure.   

A 93 m high Teton Dam (Idaho, U.S.A) had failed on 5th June, 1976. Initially a 

small seepage was noticed in d/s slope. In a few hour of seepage, a big leakage was 

observed and afterward the dam was overtopped. About 308 x 106  m3 of flood from the 

reservoir was released to downstream resulting death of 11 human lives.  On November 

6, 1976, Kelly Barnes dam (Georgia, U.S) had failed taking 39 lives. The U.S. Federal 

Investigative Board pointed out a piping failure as well as sliding of slope were the main 

reasons for failure of Kelly Barnes dam. Due to failure of Tenton dam and Kelly Barnes 

dam, Federal Guidelines on Dam Safety was issued on 25th June, 1979 in which 

inundation maps for each dam was made essential. These events highlighted the need 

for developing procedures for estimating dam breach outflow hydrographs. The list of 

failed 156 dams, over the world, is tabled in Appendix A.1. 
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Figure 2.3: (a) Laurel Run dam; (b) Teton dam; (c) Taum Sauk Upper dam; (d) St. 

Francis dam 
 

2.3.2 Embankment Failures in India 

The concept of storing water by constructing water retention structures is as old as 

ancient human civilization. According to archeologists, the history of dam construction 

in India goes back to the pre-Harappan period, but ancient Indian scriptures tell different 

stories. There were many traces in ancient Indian scriptures showing the importance of 

storing water but have very few writing on dam failures. The Urjayat dam built in 300 

BC was repaired that can be still seen in the Junagadh rock inscription, which is the 

evidence of its failure. The dam is repaired several times in 137 AD under the King 

Rudradaman. The life of the dam and its cause of failure are unknown. In the modern 

era, the importance of water storage structures increases that can be seen through the 

construction of thousands of dam across the country.  

Globally, more than 800,000 dams are storing water. As per ICOLD reporting’s, the 

world holds more than 57000 large dams and India holds 5102 ranking third after 

America and China. Such a significant figure of dams also exhibit safety concern 

because when a dam fails it brings catastrophic disasters at the downstream of the dam.  

Machhu II (Irrigation Scheme) Dam, Gujarat, 1979 has the history of the worst dam 

disaster in India (Figure 2.4). A disaster, which is unforgettable to India, had causalities 

more than 2000 lives. The Morvi dam failure disaster has been recorded as the most 

exceedingly bad dam burst in the Guinness Book of Records. The book ‘No One Had A 

(a) (b) 

(c) (d) 
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Tongue To Speak’ by Tom Wooten and Utpal Sandesara exposes the official claims that 

the dam failure was a ‘Demonstration of God’ and points to structural and 

communication failures that prompted and embittered the disaster.  

 
Figure 2.4: Machhu dam failure - 1979 

 

Kaddem dam, (Andhra Pradesh) had failed in 1959. The design capacity of the 

spillway was 4955 m3/s, but there was massive flood of around 14160 m3/s entered the 

reservoir that increased the reservoir level rapidly. The dam was overtopped by 0.46 m 

of water above the crest despite a free board allowance of 2.4 m. Due to overtopping, of 

the dam a significant portion of about 137.2 m of embankment was breached on the left 

bank. Kaila Dam located in Gujarat failed due to the weak foundation bed in 1959. The 

dam was 4 year old have height was 23.08 m and a crest length of 213.36 m. 

Dantiwada dam had failed in sept 1973 due to overtopping. The dam was designed 

for flood of 6654 m3/s but on failure day the observed flood to the reservoir was 11950 

m3/s.  Jamuniya dam failed on 20th August,  2002 due to seepage. Within 2 hr, almost 

70% of water was flown out from the reservoir. List of dam failures in India are given in 

Table 2.1. NanakSagar Dam (Punjab) was constructed in 1962 at Bhakra, Punjab. On 

27th August, 1967 the record breaking heavy monsoon rain occurred producing an 

unexpected flood of 9711 m3/s into the reservoir.  The dam had failed due to piping. 

After the settlement of the embankment, water overtopped the dam creating breach 

width of 150 m. Tigra dam had failed due to overtopping as well as sliding. The dam 

was overtopped by 0.85 m of depth of water over a 400 m long.  Due to large water 

force, two significant blocks were washed away. Garada dam was breached at the 

water level of 291 m against the full reservoir level of 295 m during the first filling of 

the reservoir.   
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Table 2.1: List of dam failures in India 

S.No Name State 
Type of 
Material 

Height 
(m) 

Built 
Year 

Failed 
Year  

Failure Mode 

1 Tigra 1M.P Masonary 24.03 1917 1917 Overtopping 

2 Asthi Maharashtra Earthen 17.70 1883 1933 Sliding failure 

3 Pagara M.P Composite 27.03 1927 1943 Overtopping 

4 Palakmati M.P Earthen 14.60 1942 1953 Sliding 

5 Dakhya 2R.J Earthen - 1953 1953 Breach 

6 Ahrura 3U.P Earthen 22.80 1953 1953 Breach 

7 Girinanda R.J Earthen 12.2 1954 1955 Overtopping 

8 Anwar R.J Earthen 12.5 1956 1957 Breach 

9 Gudah R.J Earthen 28.3 1956 1957 Breach 

10 Sukri R.J Earthen - - 1958 Seepage 

11 Nawagaon M.P Earthen 16 1958 1959 Overtopping 

12 Dervakheda R.J Earthen - - 1959 Breaching 

13 Kaila Dam Gujrat Earthen 23.08 1955 1959 Foundation 

14 Panshet Maharashtra Earthen 53.8 1961 1961 Piping/Overtopping 

15 Khadakwasla Maharashtra Masonry 60 1875 1961 Overtopping 

16 Galwania R.J Earthen - 1960 1961 Breach 

17 Nawagaza R.J Earthen - 1955 1961 Breach 

18 Sampna M.P Earthen 21.3 1956 1961 Sliding  

19 Kedarnala M.P Earthen 20 1964 1964 Beach 

20 Nanaksagar Uttarakhand Earthen 16 1962 1967 Piping 

21 Dantiwada Gujarat Earthen 60.96 1965 1973 Breach 

22 Kodagarar Tamil Nadu Earthen 12.75 1977 1977 Breach 

23 Machu-II Gujarat Earthen 20 1972 1979 Overtopping 

24 Mitti Gujarat Earthen 16.02 1982 1988 Overtopping 

25 Chandora M.P Earthen 27.30 1986 1991 Breach 

26 Kadam 4A.P Composite 22.50 1958 1995 Overtopping 

27 Bhimlot R.J Masonry 17 1958 - Overtopping 

28 Pratappur Gujarat Earth 10.67 1891 2001 Overtopping 

29 Jamunia M.P Earth 15.40 1921 2002 Piping 

30 Gurilijoremip Odisha Earth 12.19 1955 2004 Foundation 

31 Nandgavan Maharashtra Earth 22.51 1988 2005 Overtopping 

32 Piplai M.P Earth 16.73 1998 2005 Breach 

33 Jaswant  Rajasthan Earth 43.38 1889 2007 Piping/Seepage 

34 Palemvagu A.P Earth 46 U/C 2008 Overtopping 

35 Chadiya M.P Earth 22.50 1926 2008 Breach 

36 Gararda R.J Earth 31.76 2010 2010 Overtopping 
1M.P (Madhya Pradesh),  2R.J (Rajasthan), 3U.P (Utter Pradesh), 4A.P (Andhra Pradesh) 

Source: Dam Rehabilitation and Improvement Project A Government of India Initiative with 

World Bank Funding Project Coordination & Supervision By Central Water Commission 
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2.4 Failure Characteristics of Embankments 

To comprehend the mechanism of embankment failure, it is vital first to recognize the 

earthfill and non-earthfill dams. Earthfill dams are the structures that are normally 

trapezoidal in shape made by compacting soil. Non-earthfill dams (masonry and 

concrete) are the impounding structure usually made of stone or concrete blocks set in 

mortar. Physical procedures representing the failure of earthen embankments vary from 

those happening in non-earthfill since erosion is barred in the last mentioned. 

 

2.4.1 Dam Breaching Mechanism 

Dams can fail either gradually or suddenly, which depends on the type of dam and the 

reason of failure. When a dam fails suddenly, the entire structure or a large portion of it 

goes away at once creating beached section that becomes the pivotal point for the 

release of mass of water. For instance, concrete or masonry dams often fail, all of a 

sudden. The breaching process of such type of failure is simple, and hence it appears to 

be relatively easy to predict breaching parameters due to the breach geometry often as 

one or more monolith sections removed. The most adverse condition is that the whole 

structure may be moved. In contrast, gradual failure happens over some period of time. 

Embankment dams, failing by overtopping or internal erosion/piping, are an example of 

a gradual failure. The breaching process of embankment dams is in a progressive mode, 

which often involves very complex physical mechanisms. Therefore, most of the past 

studies have focused on breaching of embankment dams, which is also the main concern 

of the following discussion. 

Dam breaching is firmly identified with erosion of embankment soil caused by 

either overtopping or seepage/piping. Ralston (1987) discussed the mechanics of 

embankment erosion from overtopping. For cohesive embankments, breaching takes 

place due to headcutting. A headcut initiates the erosion near the downstream toe of the 

dam, and then advances upstream until the crest of the dam is breached. For 

noncohesive embankments, soil is expelled from the embankment in layers by tractive 

stresses. The erosion process from overtopping begins at a point where the tractive shear 

stress surpasses a critical resistance that keeps the soil in place.  Singh (1996) brought 

up that the basic erosion mechanisms and erosion rates were distinctive for granular and 

cohesive embankments. For granular embankments, surface slips occur rapidly because 

of the leakage existing on the downstream slope; and subsequently granular materials 
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are removed quickly, layer by layer. For cohesive embankments, no seepage exists on 

the slope in light of the low permeability. Rather, erosion often begins at the 

embankment toe and advances upstream, undermining the slope and thus causing the 

removal of materials because of tensile or shears failure over upstream slope. 

By considering small and trapezoidal breach in the top of the dike, Zhu (2006) classified 

the breach erosion process in clay-dikes/embankments into the following five stages 

(Figure 2.5): 

• Stage I (t0 < t< t1): The water flows through the underlying rupture/breach in the 

embankment crest and disintegrates soil far from the inward slope of the 

embankment. In this stage two type of erosions seen, shear erosion and small-

scale headcut erosion. (Figure 2.5 a,b).  

• Stage II (t1 < t < t2): The steepened inner slope of the dike maintains the critical 

slope angle β1 introducing large-scale headcut erosion throughout Stage II. 

(Figure 2.5 b,c). 

• Stage III (t2< t <t3): The headcut still maintains the critical slope angle β2. The 

breach extends quickly as is the flow rate through the breach, which thus 

quickens the erosion process in the embankment. Toward the finish of this stage, 

the soil in the breach washes away totally down to the embankment foundation 

or to the toe protection at the embankment outer slope (Figure 2.5 c,d).  

• Stage IV (t3 < t < t4): In this stage the breach erosion happens for the most part 

horizontaly with shear erosion along the side slopes of the breach and 

subsequent side slope instability being the main fundamental component for the 

enlargement of breach. The breach flow in this stage is critical nature. (Figure 

2.5 d,e). 

• Stage V (t4 < t < t5): In this stage, the breach flow is subcritical. The breach 

erosion still happens for the most part horizontally and towards the end, the 

velocity of water flow through the breach is decreased to such a degree, to the 

point that it can no longer erode the soil from either the embankment body; 

subsequently the stopping of breach growth process. (Figure 2.5 e,f). 
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Figure 2.5: Breach formation process in cohesive dike/embankments (Zhu, 2006) 
 

The dam-breach erosion mechanism can be understood from the process of soil-

water interaction. The releasing water is the main driving force that disintegrates the soil 

particles causing erosion of embankment. The progress of breach influences the rate of 

release of water, which thusly affect the rate of disintegration. This process remains 

active until either the reservoir water is drained out completely or until the point from 

where there can be no more soil particle disintegration. So, the way towards breaching 

depends on two fundamental components: (1) the hydraulic forces exerted by flowing 

water on the embankment soil while breaching, and (2) the embankment soil properties 

and compactness. 

 

(a) (b) 

(c) (d) 

(e) (f) 
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2.4.2 Dam Breaching Parameters 

Breach shape geometry is taken either as triangular or mostly trapezoidal. For defining 

geometric breach parameters in trapezoidal shape, one needs to know any three 

combinations of breach depth (hb), breach top width (Bt), average breach width (Bavg), 

breach bottom width (B) or breach side slope. Figure 2.6 shows the breach parameter for 

trapezoidal shape geometry. Two more parameters are also required for dam breach 

analysis. These are the peak discharge or peak outflow rate (Qp) and failure time (tf). 

Wahl (1988) defined failure time into two phenomena, that is, breach initiation time and 

breach formation time. The breach initiation time begins with the first flow over or 

through a dam that initiates a warning, evacuation, or heightened awareness of the 

potential for dam failure. The breach formation time is the duration starting from the 

lowering of the embankment crest and ending with the complete drawn off the reservoir 

water. 

As indicated by Fell et al. (2003), it has not been conceivable to identify the time of 

initiation of erosion, and the primary indications of erosion tend to be at the progression 

phase, e.g., from increased seepage flows. In this way, the failure time is often recorded 

at the start of the breach formation phase. Mostly the equations developed for failure-

time prediction represents breach formation time. Therefore, failure time tf in this thesis 

represents breach formation time while developing the breach parameter equation. 

 

Figure 2.6: Geometric representation of breach parameters 
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2.5 Embankment Breach Flow Hydrodynamics 

2.5.1 Shallow Water Equations (SWE) 

The governing equations of fluid flow, including shallow water flow, are based on the 

conservation of mass, momentum, and energy and the second law of thermodynamics. 

For open channel flow, calculations the SWE is used which is derived from the 

momentum and mass conservation principle. The SWE is derived from the 

approximation of the Naiver Stokes Equation (NSE). The general conservative form of 

the one-dimensional shallow water wave equations is given as: 

( , ) + ( , ) =  
[2.1] 

 

where, q = vector of conserved variables, f = flux vector in the direction of x and  S = 

source vector. The vectors q and f can be expressed in terms of the primary variables, u 

and h, as: 

 = ℎℎ 	, = ℎ+	 ℎ 2⁄  [2.2] 

 

where, u = depth-averaged velocity of fluid in x direction , h = water depth, and g = 

acceleration due to gravity. Following the derivation the source term S is given as: 

 = 	 0ℎ  [2.3] 

 
where, S0 is the bed slope. 

 

2.5.2 Hydrodynamics of Flow Overtopping 

2-D hypothetical breaching: Powledge et al. (1989) defined the hydrodynamics behind 

the overtopping flow over the embankment into three zones (Figure 2.7). The flow over 

the crest width of embankment behaves subcritical as well as transcritical (Fraud 

number is less than equal to one) and is defined as zone 1. In this zone, small tractive 

forces are induced on the crest of dam and erosion takes place on loose bonded surface. 

In zone 2, a small dip in water profile is noticed just before the downstream edge of the 
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crest. However, this zone is small and the bed level is same (low energy level) making 

hydraulic forces less effecting for erosion. In zone 3, sudden change in bed slope makes 

flow supercritical in nature. The high energy level in this region makes hydraulic forces 

more dominating that increase the erosion of the embankment soil. Initially, sheet and 

rill erosion are seen forming small stepped or cascading overfalls in the downstream 

slope of the embankment. This leads to form small headcuts, which further continues to 

develop into big overfalls that dominate the erosion process.  

 

Figure 2.7: Overtopping flow regimes (Powledge et al. 1989) 
 

In case of overtopping, the vertical erosion starts in downstream slope just near the crest 

edge. With sudden increase the in slope the flow, the flow separates lower napper of the 

flow from the bed creating negative pressures. In this region, due to recirculating flow, 

subhydrostatic pressure occurs (Powledge, 1989). After zone 1 the overtopping flow 

becomes supercritical in which production and dissipation of turbulent energy is 

increased (Figure 2.8). Because of energy dissipation over and inside the recirculation 

zone the rate of energy dissipation increases quickly downstream of the crest. Annadale 

(1995) proposed energy dissipation, ΔE, within the recirculation zone as: 

 =	 [1 − cos( − )][1 + cos( − )]	 2  
[2.4] 

 

where, αjet = angle of impingement with respect to the horizontal,  = bed slope 

angles with respect to the x-direction, Ug = average flow velocity over the recirculation 

zone, and K1 = 1, adjustment factor for subhydrostatic pressure in the recirculation zone. 
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Figure 2.8: Bed profile, recirculation zone, water surface level (WSL), and energy 

grade line (EGL) for overtopping flow scenerio  
 

In the supercritical region, downstream the recirculation zone, the pressure distribution 

can be assumed to be hydrostatic where the total energy follows can be expressed as 

 = + cos + 2  
[2.5] 

 

where, = ⁄   (depth-averaged flow velocity along a streamline),  = Specific flow 

discharge, =  water surface elevation or section flow depth,  = Bed elevation. In 

uniform flow, the bed shear stress has been expressed as friction slope  [Eq. (2.6)] (i.e. 

the slope of the energy gradient line, = ⁄ , or bed slope, Sb [Eq. (2.7)], is written 

as: 

 =  

 

[2.6] 

=  

 

[2.7] 

where, γf = fluid specific weight, = hydraulic radius. Vanoni and Brooks, 1957 

sugested that in shallow water flows (when flow depth is less than half of the flume 

width ( < /2) the hydraulic radius of the bed region adapted for side-wall effects 

and is expressed as:  

= ( − )
 

[2.8] 
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Breached Flow using Broad-Crested Weir: The total breach outflow can also be 

calculated using the broad-crested weir equation. In the calculation of discharge from 

breached dam using broad crest weir method, the elevation-area-capacity of reservoir is 

combined with the weir equations with an assumption of flat reservoir water surface 

level.  There are many equations proposed for the calculation of breach outflow using 

broad crested weir. A schematic diagram showing trapezoidal breach channel cross-

section is shown in Figure 2.9.  Singh et al. (1988) proposed the flows over the flat 

embankment crest (Qcr) and flow from the breach channel of a trapezoidal cross-section 

(Qb) in the following forms of equations: 

= ∗( − )( − ) ⁄  [2.9] 

 

= [ ∗ + ∗( − )tan	( 2⁄ − )]( − ) ⁄  [2.10] 

 

where,  ∗ = a coefficient with value of 1.7 and ∗	= a dimensional discharge coefficients of 

value 1.35 m1/2/s ,  Lcr = crest length, BTW = breach top width, BBW = Breach channel 

bottom width, ηr  = reservoir water surface level, Zcr  = embankment crest elevation,  ZBB 

= breach bottom elevation, and αss = breach side slope angle in tan-1zss 

 

Figure 2.9: Trapezoidal breach cross section  
 

Equation (2.10) can also be used for triangular and rectangular breach cross-section by 

making BBW = 0 and αss = π/2 respectively. Mohamed (1999) and Coleman (2002) 

reported parabolic breach cross sections in their experimental studies. Harris and 

Wagner (1967) and Brown and Rogers (1977) solved the parabolic breach formation in 
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their analytic models presented in their papers. Generally, the breach channel outflow 

(QB) can be expressed as 

= ( − ) ⁄  [2.11] 

 
where, Bw = generic breach width, and Cw = coefficient of discharge dependent on the 

type of weir shape. Powledge (1989) suggested the value for Cw in the range of 1.6 to 

2.15. In the presence of tail water submergence, the outflow through breach need to be 

modified using a submergence factor more oftenly rated by percentage of submergence 

(Cs/Cw), where Cs is the coefficient of submergence. Morris et al. (2009 b) sugested the 

values of coefficient of discharge for Eq. (2.11) for a sharp edged broad-crested weir is 

1.5 and for round-shaped or ogee weir is 2.2. A 30% variation in the calculated 

discharge is noticed with the variation of shape of broad-crested weir from sharp edge to 

round edge. It is thusly essential that this parameter must be included in numerical 

models for the calculation of breach outflow. While utilizing weir equations to 

anticipate the outflow a quasi-steady uniform flow is assumed. [Note: The expression 

“quasi-steady” suggest that the normal flow depth in the breached portion is resolved at 

each computational time-step.] Based on this supposition, the normal flow depth can be 

calculated using the following forms of Manning [Eq. (2.12)] or Chézy [Eq. (2.13)] 

equations: 

= 1 /  
[2.12] 

 =  
[2.13] 

where,  = Depth-averaged velocity in x-direction in m/s 

 

2.6 Numerical Model MIKE 11 

Dam failure is an unstable hydraulic phenomenon that requires strong mathematical 

model. There are different numerical models such as BREACH, MIKE 11, DMBRK, 

SMPDBK and others are available to analyse dam break. MIKE 11 is 1-dimensional 

software package that includes different modules such as hydrodynamic (HD) module, 

advection-dispersion (AD) and water quality (WQ). In MIKE 11, implicite method and 

finite difference method are used to solve the fluid flow equations in an unsteady state 
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based on conservation of mass and Saint-Venant momentum equations. The solution 

method to the above equation is 6-point Abbott scheme in which discharge and water 

level are calculated at the nodal level namely H and Q. It can describe both supercritical 

and subcritical flows within the river or estuary depending on the local flow conditions.  

Within the HD, many computational models are present to describe flow through dam 

breach. One of them is structure model that is used to setup the dam break structure and 

is focused in this research. MIKE 11 can perform both overtopping and piping failure. 

The failure mode can be either energy equation or NWS-dam break equation. This 

research uses the energy equation to calculate the overtopping dam breach and flow 

routing to the downstream reaches. When utilizing the energy equation, the stream over 

a dam is much similar to over a broad crested weir with a couple of special cases.  First, 

the dam starts changing its shape decreasing dam crest and increasing breach width with 

span of time. Secondly, the different relationships for flow and level calculation are used 

for the crest and for the breached portion. A detailed description of MIKE 11 module is 

given in Appendix-B.  
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 Chapter 3  

Literature Review 

3.1 Background 

Earthen embankments (levees and dams) are constructed to control flood and to provide 

water for drinking, irrigation and other basic needs; however, failures of earthen 

embankments bring flash floods resulting in catastrophic disasters to the downstream 

areas. In the case of embankment failure, the development of breach and its parameters 

(breach initiation time, breach formation time, breach width, breach height, and side 

slope) plays a vital role in deciding the peak outflow. These breaching factors have a 

significant effect on the hazard to life and property in the downstream of a dam. The 

state of art of research in this field has been investigated and presented in this chapter. 

The areas which are covered in this literature review are categories into two types: (1) 

Mathematical models for the prediction of dam breach; (2) Experimental investigation. 

There are three ways of estimating the breach parameters under Mathematical models: 

empirical based, parametric based, and physically-based. Empirical models are 

developed using the regression technique correlating the breach parameters with 

embankment height, reservoir volume, and other properties of embankment. They are 

derived from data collected from case studies of dam failures. Parametric models are 

solved either analytically or mathematically, while physically-based models are solved 

numerically. Experimental models are constructed in laboratory or in field to simply 

observe the breach mechanisms and collect the data to develop or test the numerical 

models. 

 

3.2 Prediction Models for Dam Breaching Parameters 

3.2.1 Empirical Models 

Empirical models can be developed in two forms; (1) Dimensional, or (2) 

Nondimensional. In nondimensional breach model, the breach characteristics and 

control variables are first presented in nondimensional form and then expressions are 

developed using regression analysis. The dimensional breach parameters are determined 

from the nondimensional breach expressions. In case of dimensional breach empirical 

models the breach parameters equations are derived from control variables directly 
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using regression analysis. A number of studies have been devoted to investigating dam 

breaching parameters.  

Johnson and Illes (1976) described the final breach shapes for earthen dams, 

gravity dams, and curve dams. For earthen dams, he portrayed that for the most of 

failures shape created is trapezoidal with few of triangular break shapes. 

Singh and Snorrason (1982) included 20 dam failure cases in his study and 

concluded that: (1) the breach width was varying from 2 to 5 times the dam height; (2) 

dam failure time varies between 0.25 to 1 hour. They also suggested in case of 

overtopping failures, the overtopped depth over the dam crest before failure varries from 

0.15 to 0.61 meters. 

MacDonald and Langridge-Monopolis (1984) in their study they proposed a new 

dependent factor named breach formation factor and that is characterized as the product 

of the volume of breach outflow and the water depth over the breach channel during 

overtopping failure. They related the volume of embankment material removed to this 

factor for both earth fill and non-earth fill dams. They included 42 case studies in their 

study and concluded that the breach side slopes could be assumed to be 1H:2V in most 

cases. Further, an envelope curve for the breach formation time as a function of the 

volume of eroded material was also presented for earthfill dams. They concluded that 

for dams other than earthen, the failure time was uncertain, as in some cases, failure 

might have been caused by structural instabilities. 

Singh and Snorrason (1984) compared the numerical models DAMBRK and HEC-

1 for hypothetical failure of eight dams. In compared results, they predicted the peak 

outflows using both the models by varying the breach parameters. They concluded that 

for large reservoirs, the change in breach width produced larger changes approximately 

35% to 87% in peak discharge and for small reservoirs; the change in peak discharge 

was small in between 6% to 50%. 

Petra check and Sadler (1984) conducted sensitivity analysis on breach width and 

breach time to see the changes in breach outflow, downstream water levels, and time of 

flood arrival. They found that the locations near the dam were dramatically influenced 

by both breach parameters. For the locations far below the dam, the peak discharge and 

water levels were insensitive to the changes in breach parameters, but had influenced on 

the arrival time of peak flood specifically due to breach formation time.  

Froehlich (1987, 1995a, 2008) has developed non-dimensional breach empirical 

equations for estimating average breach width, side-slope, and breach formation time. In 
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1987 he usesd 43 dam failure case study data. The predictions were based on 

characteristics of the dam, including reservoir volume, water depth above the breach, 

dam crest width, and overtopping and non-overtopping failure coefficients. The effect of 

presence or absence of core wall in embankment is included in breach parameter 

calculation. Froehlich (1995a) re-evaluated its old expression using data of 63 cases. In 

2008, he again updated the expressions by linear regression analysis using 74 case 

studies of dam failures. 

Wurbs (1987) concluded that reservoir size play important role in deciding the 

breach peak outflow time. In case of large size reservoirs, the peak outflow from 

breached channel occurs only when the breach is either fully developed or on the verge 

of its maximum depth or width. In this case, the reservoir head remained constant or 

slightly changed during the breach formation and therefore accurate prediction of breach 

geometry was most crucial factor.  For small reservoirs, the peak outflow was 

significant before the fully developed breach. In this case, significant change in 

reservoir water level was observed during the breach formation, and as a result, the 

breach formation rate was the important parameter to find out. 

Singh and Scarlatos (1988) reported study of 52 case studies and found that the 

proportion of top and bottom breach widths varies between 1.06 to 1.74, with a normal 

estimation of 1.29 and standard deviation of 0.180. The proportion of the top breach 

width to the height of dam was generally scattered. In most of cases, the breach side 

slopes inclination angle varied from 10-50°. Additionally, failure times varied under 3 

hr, and almost 50% of the failure times were less than 1.5 hr. 

US Bureau of Reclamation (1988) recommended empirical equations for breach 

width and failure time assessed esteems were not proposed to yield exact forecasts, but 

instead were expected to deliver moderately bound qualities that could bring a factor of 

safety into the risk characterization strategy. U.S. Bureau of Reclamation expended this 

work and proposed an envelope equation for breached peak discharge using information 

from 21 dam failures. 

Von Thun and Gillette (1990) and Dewey and Gillette (1993)  utilized the 

information from Froehlich (1987) and MacDonald and Langridge-Monopolis (1984) to 

create guidance for evaluating breach side slopes, breach width, and failure time. They 

suggested that breach side slopes can be 1H:1V aside from dams with cohesive shells or 

thick cohesive cores, where slopes of 1:2 or 1:3 (H:V) might be more suitable and 

appropriate. 
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Walder and O’Connor (1997) observed a distinction of breached peak discharge 

released from large-reservoir and small-reservoir. In a large-reservoir, the breached peak 

discharge occurred when the breach reached its maximum depth. For this situation, the 

peak discharge was obtuse to the erosion rate. In a small-reservoir, there was a huge 

drawdown in reservoir was noticed with the progression of breach, and in this manner, 

peak discharge happens before the breach reaches its maximum depth. Peak discharge in 

case of small-reservoir is reliant on the headcut erosion and can be smaller than for 

reservoir having large storage capacity. The assurance of whether a particular 

circumstance is a case of large or small reservoir is depends on the rate of erosion, 

reservoir capacity, and variation in reservoir level during the breach. 

Tony L. Wahl (July 1998) compiled 98 dam failures cases along with the causes of 

failure, dam type, geometry, and breach parameters. The data is also known as 

supercompilation  and many researchers for developing relationships for finding the 

breach parameters used that. In 2004, he presented a quantitative analysis of the 

uncertainty of various regression-based breach parameter equations as well as breached 

peak outflow equations. Uncertainty in predicting breach width, failure time, and peak 

outflow were found to be ±1/3, ±1, and ±0.5 to ±1 order of magnitude respectively. The 

uncertainty in case of Froehlich peak outflow equation was found to be ±1/3 order of 

magnitude. 

Xu and Zhang (2009) used multi-parameter regression analysis to develop a new 

set of equations for prediction of dam breach parameters needed for the modeling of 

dam failure events and resulting breach outflow hydrographs. The most significant 

differences between these equations and those commonly used in current practice are 

the incorporation of discrete inputs related to dam type, failure mode, and erodibility 

(high, medium, low). Xu and Zhang (2009) evaluated the significance of 5 different 

input factors: dimensionless dam height, dimensionless reservoir shape factor, and the 

three discrete inputs listed above. They concluded that the erodibility factor had the 

greatest influence on the resulting dimensionless breach parameters. The equation 

developed for breach parameters by Zhang (2009) is presented in Table 3.1.  

Pierce et al. (2010) proposed breached peak outflow equations using a larger data 

set of 87 dam failure cases. Thornton et al. (2011) along with Dam height (H) and 

reservoir storage (S) added two more input parameters, embankment thickness (W), and 

embankment length (L) to develop two breach discharge equations as function: Q=f(H, 

S, W) and Q=f(H, S, L). They used Pierce’s database of 87 dam’s failure case only for 
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developing equation based on embankment thickness and embankment length but the 

data is reduced to 25 and 14 respectively. 

 

Table 3.1: Breach parameter equations by Xu and Zhang (2009) 

Xu and Zhang (2009) 75 
Dam type 

(b3) 
Failure mode 

(b4) 
Erodibility 

(b5) 
DC FD HD/ZD OT P HE ME LE 

Breach Height equations ℎ ℎ⁄ = 0.453 − 0.025(ℎ ℎ⁄ ) +  = 	 + +  
0.145 0.176 0.132 0.218 0.236 0.254 0.168 0.031 ℎ ℎ⁄ = − 0.025(ℎ ℎ⁄ ) =  

     1.072 0.986 0.858 

Breach Average-Width Equation ℎ⁄ =0.787(ℎ ℎ⁄ ) . ( ⁄ ℎ ) . 	         = 	 + +  

-0.04 0.026 -0.226 0.149 -0.39 0.291 -0.14 -0.39 

ℎ⁄ = 5.543( ⁄ ℎ ) .  =	 +  
   -1.21 -1.75 -0.61 

-
1.073 

-
1.268 

Breach Top-Width Equations ℎ⁄= 1.062(ℎ ℎ⁄ ) . ( ⁄ ℎ ) . 	  =	 + +  

0.061 0.088 -0.089 0.299 -0.24 0.411 
-

0.062 
-

0.289 ℎ⁄ = 0.996( ⁄ ℎ ) . 	  =	 +  
   0.258 -0.26 0.377 

-
0.092 

-
0.288 

Failure Time Equations ⁄ =0.304(ℎ ℎ⁄ ) . ( ⁄ ℎ ) . 	    = 	 + +  

-0.33 -0.67 -0.189 -0.58 -0.61 -1.20 
-

0.564 
0.579 

⁄ = (ℎ ℎ⁄ ) . ( ⁄ ℎ ) .  =  
     0.038 0.066 0.205 

Peak flow Equations ⁄ =0.175(ℎ ℎ⁄ ) . ( ⁄ ℎ ) . 	  =	 + +  

-
0.503 

-0.59 -0.649 
-

0.705 
-1.39 

-
0.007 

-
0.375 

-
1.362 

⁄ = 0.133( ⁄ ℎ ) . 	  =	 +  
   

-
0.788 

-
1.232 

-
0.089 

-
0.498 

-
1.433 

DC (dam with corewall), FD (concrete face dam), HD (homogeneous dam),  ZD (zoned fill dam), OT 
(overtopping failure), P (piping), HE (high erodibility), ME (medium erodibility), & LE (low erodibility) 
 

Tony L Wahl (2014) assembled the evaluation data set and made a comparison of 

predicted and observed breach parameters that showed, Xu and Zhang (2009) breach 

height, breach width, and peak outflow equations produced good predictions of 

observed breach parameters. Comparison to the performance of other established breach 

parameter equations showed that the breach-width prediction equation developed by 

Froehlich (2008) also performs well and might be further improved by incorporating 
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erodibility as an input parameter. It was apparent that erodibility was indeed an 

important factor and that the approach used by Xu and Zhang (2009) was an effective 

way to incorporate erodibility, despite the challenges inherent in trying to assess 

erodibility for historic events with often limited documentation. 

Other researchers such as Kirkpatrick, Costa, and FERC (1987) have contributed to 

the study to refine the breach parameters equations.  Breach parameter empirical 

equations developed by different authors are presented in Table 3.2. The database of 

dam failures used to develop these empirical relations lacks failure cases from India. 

 
Table 3.2: Breach parameter equations by different authors 

Referenced Auther 
Data 
Used 

Relation Proposed (S.I. Units: m, m3/s, hr) 

Johnson and Illes (1976)  0.5hd ≤ Bavg ≤ 3hd for earthen embankments 

Singh and Snorrason 
(1982, 1984) 

20 

2hd ≤ Bavg ≤ 5hd 
0.15 m ≤ dovtop ≤ 0.61 m 
0.25 ≤ tf (hr) ≤ 1.0 = 13.4(ℎ ) .  , = 1.776( ) .  

MacDonald and 
Langridge-Monopolis 
(1984) 

42 

Breach width eq. = 0.261( ℎ ) .  (earthfill) = 0.00348( ℎ ) . (nonearthfills) 
Failure time eq. = 0.179 .  
Peak flow eq. = 1.154( ℎ ) .  & = 3.85( ℎ ) .  
(Envelope eq. ) 

FERC (1987)  
Bavg = 2 to 4 times hd , Bavg = 1 to 5 times hd 
tf = 0.1 to 1 hr [well compacted earthen embankment] 
tf = 0.1 to 0.5 hr [poorly compacted] 

Froehlich (1987) 43 
= 0.47 ( ℎ⁄ ) . ), = 	1.4	overtopping; 1.0	otherwise	 ℎ⁄ = 79( ℎ⁄ ) .  

Bureau of Reclamation 
(1988) 

 
Breach width eq.  = 3ℎ  
Failure time eq.  = 0.011( ) 
Peak flow eq. (1982) = 19.1(ℎ ) . (Envelope eq.) 

Singh and Scarlatos 
(1988) 

52 
Average of ratio of breach top and bottom width (Btop/Bbottom) = 1.29 

Von Thun and Gillette 
(1990) 

57 
Breach width eq.  = 2.5ℎ +	  
Failure time eq. = 0.015ℎ  &  = 4ℎ⁄  (highly erodible) = 0.020ℎ + 0.25  &  = (4ℎ + 61)⁄  (erosion resistant) 

Froehlich (1995a) 63 
Breach width equation = 0.1803 . ℎ .  

Failure time equation  = 0.00254( ) . ℎ .  

Peak flow equation (1995b) = 0.607 . ℎ .  

Froehlich (2008) 74 

Breach width eq. = 0.27 .   (overtopping, =1.3	&	piping	, = 1.0 &) Failure time eq. =0.0176 ( ℎ )⁄ , Peak flow eq. = 0.607 . ℎ .  

Bavg (average breach width), hb (breach depth), hd (dam height), hw (water level above breach), tf 
(Failure time), Vw (volume of water above breach), V (reservoir volume), Qp (peak discharge) 

 

The precision of the empirical relationships developed for breach parameters are 

greatly relies upon the number of failures recorded in the database. It is also observed 
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that the embankment breach failures are assumed to be similar in nature and that will 

hamper the accuracy of these equations. The reality is that the breach peak flow cannot 

be exclusively decided from reservoir characteristics or the drop in the reservoir water 

level, since there is a huge number of variables and causes relating to the breach 

mechanism, for example, dam geotechnical properties and geometry and other hydraulic 

conditions. Manville (2001) expressed that estimates of peak outflow from breached 

portion can vary by one order of magnitude. Hence, empirical relationships serve as a 

quick approach for assessing the peak outflow from the breached portion where a more 

verification is required by utilizing different approaches. 

 

3.2.2 Parametric Models 

In parametric model the breach, evolve between fixed values of breach parameters that 

are given initially. In this model, the user generally uses same empirical models 

explained above to fix the breach values such as the average breach width, breach 

height, breach channel side-slope factor, and the time for the full development of 

breach.  

Wahl (1998) from the field studies/data observed that breach geometry might be in 

triangular shape, trapezoidal shape or in parabolic shape. In most of the literature, the 

embankment breach is a trapezoidal type. He mentioned that the parametric models 

simulate the advancement of breach in a linear development rate and the outflow from 

the breach is calculated for each time step using weir flow equations. 

Froehlich (2008) proposed three types of breach advancement models (Figure 3.1): 

(1) initially the breach cross-section is triangular that continues to develop until the 

point when it achieves the base, where the cross-section keeps on advancing as a 

trapezoid; (2) initially the breach cross-section is trapezoidal and remain trapezoidal 

throughout the breach evolution; (3) the bottom breach width is fixed.  On the other 

hand, the parametric models streamline the breach mechanism by assuming fixed breach 

shape and uniform erosion throughout given time period. 
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Figure 3.1: Breach advancement (Froehlich, 2008) 
 

3.2.3 Physical-Based Models 

Simplified Models: Cristofano (1965) developed an empirical equation in which he 

related the rate of erosion of breached portion with the shear strength of soils and rate of 

flow of water through breach. Harris and Wagner (1967) noticed the breach morphology 

as parabolic in shape. He used the Schoklitsch sediment transport equation to find the 

breach characteristics and dam breach flows. BRDAM model developed by Brown and 

Rogers (1987) using the analysis work of Harris and Wagner’s. Lou (1981) used the 

sediment transport equation proposed by Meyer-Peter and Muller to develop 1-D 

differential equations of unsteady flow and sediment conservation. He also included 

tailwater effect in his study. Singh and Scarlatos (1985), in which Einstein-Brown and 

Bagnold equations was used to predict the breach erosion, developed the BEED model.  

Fread (1997) proposed the DAMBRK model. This model works on the principle of 

uniform growth of breach in both downward and outward direction until the user 

specified dimension and time is reached. Fread (1988) proposed advanced version of 

DAMBRK model named BREACH to simulate the overtopping or piping breach failure. 

It incorporates different principles such as the dam geometric, dam soil properties, 

reservoir characteristics, sediment transport, soil mechanics, and hydraulic forces. It 

uses Smart (1984) sediment transport equation for steep channels which is the modified 

version of Meyer-Peter and Muller equation. BREACH model permits three type of 
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embankment material to simulate the failure:  (1) homogeneous material, (2) 

embankment consists of two materials (outer material and an inner core material), (3) 

embankment with vegetated cover or riprap on d/s slope. The materials must have their 

own values for friction angle, cohesion, average grain size, and unit weight. In 

BREACH model, if the reason for failure is overtopping, the first stage a stream of A-A 

erodes the downstream slope layer wise (Figure 3.2). In the absence of grass on the 

downstream slope this stream A-A turns into a breach channel. When the breaching 

reaches B-B section the dam starts eroding vertically downward and continues until it 

reaches the bottom of the dam. The flow through the breached portion can be calculated 

using the broad-crested weir relationship given as:  

 = 3 × ( − ) .  [3.1] 

 

where, Qb = flow going over the dam into the breach channel, Bo = initial width of the 

rectangular shape channel, Hc = breach bottom elevation, Hu = the elevation of the top  

 

 

Figure 3.2: Dam failure simulation (Fread, 1991) 
 

At the point when there is grass cover on the downstream face of the embankment, the 

velocity (v) is figured at each time step utilizing Manning’s equation. This proceeds 

until the point when the velocity passes the maximum permissible velocity for grass 

(Chow, 1959). The failure of the downstream slope covered with grass will occur only 

when the flow velocity is more than the maximum permissible velocity and creating a 

small channel of 1ft depth and 2 ft width. Afterward the channel will erode similar to no 

grass cover condition. For the calculation of velocity, the equations used are Eq. (3.2), 

Eq. (3.3), Eq. (3.4), and Eq. (3.5): 
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 = 3 × ( − ) .  [3.2] = [1.49(1 )⁄ . ] .  [3.3] 

=  [3.4] = ⁄  [3.5] 

 

where, q = overtopping flow per foot of crest length (ft3/s), (H-Hc) = the head above the 

crest, n’ = Manning Coefficient, a and b = fitting coefficients to form the graphical 

curves (Chow, 1959).  

 

Mohamed (2002) developed the HR-BREACH model with great flexibility of using 

either empirical equations or sediment transport equations. In this model, the breach 

shape formed is not fixed to triangular rectangular, trapezoidal etc. rather independent 

and can be formed of any shape with in the permitted breach values given initially. 

 Zhong (2016) focused on the application of NWS BREACH (Revision 1), HR 

BREACH (Version 4.1) and DLBreach to figure the twelve dams breaching, and the 

outcomes are compared with the deliberated information and the predictions by three 

parametric breach models.  Sensitivity analysis showed that DLBreach and HR 

BREACH were more sensitive than NWS BREACH. The correlation demonstrates that 

an inadequate physically based model may not properly execute as compared with a 

parametric model, but rather an adequate physically based model can perform better and 

give more definite outcomes than the parametric models. 

Bureau of Reclamation (2017) study had focused on the assessment of two models 

normally SIMBA (developed by USDA-Agricultural Research Service) and HR 

BREACH (developed at HR Wallingford). They examined the explicit parts of the 

models, their similitudes and contrasts, and how they could be combined and 

coordinated to make next-generation modelling tool for embankment dam breach. The 

two models assessed in the research represent attempts to create breach modelling 

capability from flood routing capability independently during the model development. 

Both the models performed well on a significant number of the diverse experiments and 

indicate that both SIMBA as well as HR BREACH modelling to be quite adequate. 



 

38 
 

West (2018) had given subtleties of the breach prediction techniques accessible to 

users, going from basic parametric conditions to complex multi-dimensional erosion 

models. The most appropriate physically based model depends on its application. 

According to the author, DL Breach (simplified) had great usefulness and intricacy and 

can be viewed as adaptable because of the wide scope of input parameters that can be 

used. WinDAM is an exceedingly usable and stable model with vulnerability. 

Extraordinary advancement has been made, of late, through technical advancement and 

relatively other large-scale field studies. In spite of this fact, knowledge in dam breach 

related to sediment transport and erosion has often been lacking. 

Others, such as FIREBIRD BREACH model (Wang and Kahawita, 2003), SIMBA 

model (Temple et al. 2005) etc. are developed to simulate breach from the embankment. 

Wahl et al. (2008) summarized the recent developments in physically based dam breach 

models. The vast majority of the physically construct forecast models depend on 

sediment transport equations. These models simulate the water driven and erosion 

process related to overtopping or piping flow and these plans might be proper for a few 

phases of the breach formation, however are not reliable with the mechanics of a 

significant part of the breaching procedure as saw in the field and in the laboratory. 

 

Non-simplified Models: 

Based on the spatial discretization Broich (1998a) categorized embankment breaching 

numerical models into: (1) 1-D: spatial discretization in x-direction. (2) 2-D: spatial 

discretization in x and y direction. 

Tingsanchali and Chinnarasri (2001) coupled the Shallow Water equation and the 

breach erosion using the five sediment transport equations and sediment continuity 

equation. They presented a 1-D morphodynamic numerical model that was based on 

data from a series of laboratory experiments performed on large-scale embankment 

models constructed from non-cohesive material for both fixed bed and mobile bed 

conditions. To determine the downstream slope failures on the side a calculation in view 

of the ratio between resisting forces and driving forces acting on failure plane was used. 

The model developed by Wang and Bowles (2006 a,b,c) is an example of 

physically-based mathematical model based on noncohesive embankment breach. In this 

breach hydrodynamics is governed by the 2-D shallow water wave equation and erosion 

is governed by a Chen and Andersons empirical erosion rate and then validated with the 

help of Smart’s Flow transport capacity. Later into their algorithm, a 3-D slope stability 
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analysis was also added. Three erosion stages were characterized in the model: (1) The 

first stage is the period from the beginning of overtopping until when erosion reaches 

the top edge of upstream of the embankment; (2) In second stage, the erosion in breach 

portion reaches the foundation of the embankment; (3) Whatever remains of the 

embankment dam is eroded in the last stage. 

Faëh (2007) developed the numerical model, 2dMb, for breach erosion in river 

embankments. Three things a 2 dimensional depth-averaged shallow water wave 

equation, a sediment transport using a bedload and a suspended load equation, govern 

this morphodynamic model. The region, which is utilized to solve the shallow water 

equation, was separated into three layers: (1) flow field layer, (2) surface sediment layer 

(active), and (3) subsurface layer (inactive). However, the momentum transfer is only 

considered in active layer by the model (i.e. water). As for the active layer, three flow 

variables, specific discharge in x and y direction, depth of flow, and the concentration 

for each sediment fraction are solved. The bed shear stress was solved using the 2-D 

shallow water wave equation in 2dMb while eddy viscosity was used to solve the 

turbulent shear stresses. 

Marsooli (2015) discussed the 3D nonhydrostatic pressure modelling of dam-

break flows and sediment transport. The author had developed sediment transport and 

3D flow model for the simulation of flow through dam-break over movable beds. An 

explicit finite-volume method was applied to solve the RANS, bed-load transport, and 

nonequilibrium suspended-load equations. Sensitivity analysis showed that bed friction 

coefficient and sediment adaptation length were two vital parameters in the created 

model. The author concluded that a 3D model was more accurate for predictions in 3D 

flow regions whereas section-averaged and depth-averaged models were adequate for 

recreating morphology changes. 

Yusuf, Lang, and Garrett (2009) examined various programs such as 

Telemac2D, MIKE 21, MIKE FLOOD, SOBEK, and others to simulate the breached 

flood downstream of the dam. At last, they recommend Telemac2D for this purpose 

because of its fast computation time. The authors have anyway utilized MIKE11 to 

make the breach outflow hydrograph because of the simplicity of the model. 
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3.3 Experimental Investigations 

The rate of breach development has a significant impact on the peak discharge from a 

dam failure (Hanson et al. 2008). Based on the 18 historical cases of earthen 

embankment dam failure, Walder O’Connor (1997) provided some insight into the rate 

of breach development. They observed the mean vertical erosion rate determined from 

the historical cases ranged from 1 to 1000 m/hr. White and Gayed (1943) conducted 

laboratory overtopping tests on 0.3 m high embankments and observed that erosion rate 

of cohesive soil embankments varied too much that it is not possible to be correlated 

numerically. However, they noted that the erosion rates are susceptible for clay and 

water percentages. Powledge and Dodge (1985) noticed that the erosion of small 

embankments in flume tests reduced by half with the increase in compaction from 95% 

to 102% of Standard Proctor compaction. Hassan et al. (2004) made out that increase in 

compaction effort and compaction water content for the same soil increased the erosion 

resistance of small embankments significantly.  

Hunt et al. (2005) performed three large-scale tests to investigate breach widening 

rate. Two embankments were constructed using silty sand having same dry density, but 

with different moisture content and the third experiment was made of lean clay. They 

concluded that breach widening rate for silty sand increased by 3.3 times faster for the 

12% decrease in compaction moisture content from optimum conditions. It was 

expected that for lean clay test the erosion rate was much slower due to the high 

cohesive forces. Not surprisingly, for the test case where Hunt et al. (2005) used lean 

clay as a part of the study, the erosion was impeded because of the presence of high 

cohesive forces. 

Hanson et al. (2005) researched the overtopping failure of seven cohesive 

embankments. Three types of soil were tested in three test sections in a row by 

constructing embankment 1 and 2. The embankment 1 was 2.3 m high and 7.3 m wide. 

The height of embankment 2 was 1.5 m having 4.9 m wide test sections. Another 

embankment was constructed using soil type 2 having 2.3 m high with a single test 

section of 12 m wide. They emphasize soil strength and erodibility factor in developing 

physically based headcut migration models and compared these two terms with rate 

coefficients that could be used in predicting headcut migration and widening. They also 

suggested that breach migration rates and erosion widening rates show a direct 

correlation to the compaction water content, dry unit weight, and soil texture. They 
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demonstrated that a small change in compaction water content could increase the breach 

widening rate by almost two to three orders of magnitudes.  Although compaction water 

content and energy along with type of soil strongly correlates with the erosion 

processes, they neglected these effects suggesting that they are the difficult parameters 

having no inherent physical basis on which to further analysis in their correlation 

process while formulating the mathematical models. They mainly worked for correlating 

the Kd (erodibility factor) and soil strength with the headcut migration rate and breach 

widening. In any case, take note of that the outcomes incorporate in excess of one kind 

of soil, though the hydraulic conditions are varied due to the different embankment 

configurations. 

Data available in the literature from past embankment failures, are mostly 

geometrical, and hydrological but lacks geotechnical information; thus, further 

investigations are required on geotechnical data. The failure of embankments may be 

sudden or gradual depending primarily on the type of soil composition used in 

construction. Visser (1998), in his experimental study of sand dykes, described five 

stages in the breaching process. Similarly, Zhu (2006) demonstrated five stages of the 

breaching phenomenon in clay-dykes and found different breach evolution patterns 

compared to non-cohesive embankments. Past laboratory, experiments revealed that 

breach evolution occurs rapidly for the non-cohesive dam and failed within few minutes 

and with the increase in cohesiveness, the failure time increases accordingly from few 

moments to few hours. Morris (2009) reported that non-cohesive embankment failure 

occurs rapidly and is supported by steady surface erosion of the downstream slope. 

Fread (1988) reported that the primary cause of overtopping failure of cohesive 

embankments is headcut erosion. Powledge (1989), differentiated the overtopping 

breaching phenomena between cohesive and non-cohesive dams.  

Feliciano et al. (2014) developed the dimensional relationships among soil 

parameters, breach time, breach width and headcut migration rate. In their study, 

different soils were prepared made by varying proportions of sand, crushed silica, and 

kaolin clay to construct seven levees. The mean grain size diameter (d50) of the soil of 

the seven embankments ranged from 0.628 mm to 0.159 mm. Their study used the 

unconfined compressive strength and the dry density of soil as control variables in 

developing the relationships but neglected the soil mean grain size diameter from the 

study. The results reported in their paper showed the importance of mean grain size 

diameter on the breach parameters. 
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IMPACT project: This project is focused on different aspects or work packages (WPs), 

which are: WP2: Breach formation, WP3: Flood propagation, WP4: Sediment 

movement, WP5: Uncertainty analysis, WP6: Geophysics data collection. Under WP2 

IMPACT project, 5 Field and 22 Laboratory experiments are conducted and investigated 

to develop the numerical models for embankment breach. In field experiments, the 

embankment height is in between 4 to 6 m while the laboratory embankment models 

was constructed to a scale of 1:10. Because of the uniqueness of each arrangement of 

tests, it was difficult to establish any relationships among the embankment breach 

characteristics and input parameters. In any case, the information and knowledge 

gathered from the extensive field and laboratory tests with respect to embankment 

breach physical processes permitted us to understand the breach mechanism in more 

detail for different set of conditions. 

Based on the three experiments conducted by Mohamed et al. (1999) at HR-

Wallingford, new methods for assessing side slop failures were proposed. Non cohesive 

material (d50
 = 0.3 to 0.5 mm) was used to construct the 0.3 m high embankments 

having 1:1 slope. The three embankments were tested for 0.2 m, 0.3 m, and 0.5 m crest 

widths.  From the experiments, it was observed that the lateral erosions were more near 

the bed compared to that at the water line. The top width of the breach channel went on 

increasing due to the collapse of the large overhang material. As stated by Coleman et 

al. (2002), the final shape of the breach was that of a parabolic shape.  

During the period of 2002-2003, under the IMPACT project, three laboratory tests 

were conducted in U.K at HR Wallingford. The first series consisted of nine 

overtopping experiments on noncohesive embankment models in which the parameters 

like material gradation, location of breach and embankment geometry were varied in the 

experimental setup (Table 3.3). The second series of tests was comprised of eight 

overtopping tests on cohesive embankment models (Table 3.4). The tests were carried 

out by varying the compaction, embankment geometries and construction water content 

of two type of soil. In the third series of test, the five piping experiments on cohesive 

embankments were performed. The IMPACT project test are described in detail by 

many authors (Morris, 2002 a, b, c; IMPACT, 2004 a; Morris and Hassan, 2004; Morris 

et al. 2007). For the first test, three gradations were used: = 0.70-0.9 mm uniformly 

graded, = 0.25 mm uniformly graded and = 0.25 mm wide gradation. From the 

report, it is understood that the breach variations are insignificant for various crest 

widths, soil type and d/s slopes. There was however, significant variation noticed in the  
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Table 3.3: First series results: IMPACT Project (2004a) 

 = Maximum water surface level in reservoir; bPercentage variation in peak outflow and time to peak outflow compared to Test 2;  
cPrototype breach characteristics. )m = Model, )p = Prototype 

  
 

 

Test 
Experiment 
Description 

Purpose Benchmark  
)m 

[m3/s] 
 )m 

[min] 
  

[m] 

 
[%] )  

[m3/s] 
)  

[min] Δ  Δ  
1 Pilot test Trial - - - - - - - - 

2 =0.25 mm,  
Effect of sediment 

uniformity 
- 0.910 72 0.49 - - 288 228 

3 =0.25 mm,  
Assessment of 
repeatability 

Similar to Test No. 
2 

- - - - - - - 

4 
Initial breach 

against abutment 
Assessment of 
breach location 

Breach from the 
centre 

0.670 50.4 0.48 -26 -30 212 162 

5 
=0.25 mm, 
wide 

gradation 

Direct replication 
of 

Field Test No. 3 
=0.25 mm,  0.870 48 0.48 -4 -33 275 150 

6 
Steeper 

downstream (d/s) 
slope (1V:2H) 

Assessment of d/s 
slope 

d/s slope = 
1V:1.7H 

0.920 48 0.49 1 -33 291 150 

7 
Different crest 
width (0.3 m) 

Assessment of 
crest 
width 

Crest width =0.2 m 0.880 48.6 0.49 -3 -33 278 156 

8 =0.7 mm,  
Sediment size 
Assessment 

=0.25 mm,  - - - - - - - 

9 
Allowing seepage 

before failure 
Seepage 

Assessment 
- 0.820 72 0.48 -10 0 259 228 
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Table 3.4: Second series results: IMPACT Project (2004a)  

 

 
 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 = Maximum water surface level in reservoir; bPercentage variation in peak outflow and time to peak outflow compared to Test 2;  
cPrototype breach characteristics. )m = Model, )p = Prototype 

Test  
Experiment  
Description 

Purpose 
Benchmark 
Parameter 

 )m 

[m3/s] 

)m 

[min] 

 
[m] 

 
[%] 

)  

[m3/s] 

)  

[min] Δ  Δ  

10 
Repetition of  

Field Test No.2 
Direct replication 

of field event 
- 0.31 40.2 0.46 - - 98 126 

11 
Repetition of  

Field Test No.2 
Assessment of 
repeatability 

Identical to Lab 
Test No. 10 

0.34 42 0.40 10 4 108 132 

12 
Different  

compaction effort 
Assessment of 

compaction effort 
Double the 

compaction effort 
0.53 15.6 0.47 71 -61 168 48 

13 
Construction water  

content near optimum 
(30%) 

Assessment of 
Construction water 

content 

Natural water 
content, ω = 24% 

0.09 205.8 0.60 -71 412 28 648 

14 
Remains of  
Test No. 13 

(partial failure) 

Assessment of 
seepage 

No seepage before 
failure 

0.28 110.4 0.51 -10 175 89 348 

15 
Steep d/s slope 

(1V:2H) 
Assessment of 
steeper slope 

- 0.35 21 0.35 13 -48 111 66 

16 
Mild d/s slope 

(1V:3H) 
Assessment of 
milder slope 

- 0.43 19.2 0.40 39 -52 136 60 

17 
Moraine dam ( = 
0.715mm), < 10% 

fines 

Assessment of 
soil gradation 

= 0.005 mm,  
24- 43% clay 

0.61 8.4 0.46 97 -79 193 24 
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 peak outflow when breaching occurred at the center of embankment (Test 2) and at the 

sidewalls of the flume (Test 4). They were 0.91 m3/s and 0.67 m3/s respectively. The 

peak outflow time was measured at 72 min and 50.4 min. Although the peak outflow 

shows slight variations but the time to peak values were varied in a larger manner as 

illustrated in Table 3.3. The report states that the peak outflow and the peak time were 

117 m3/s and 2.45 hr respectively for the third test. When these values are compared 

with Froude scaled characteristics, it turned out to be different as shown in Table 3.3. 

Inflow of the tests were not specified anywhere in the literature.   

IMPACT (2004 a) and Morris et al. (2007) describes the second test results. After 

the initiation of the breach a constant head was established, in which the inflow 

remained within 0.25 m3/s. Several headcuts on the d/s slope was reported as the initial 

failure, which then later after combining into one headcut migrated. This led to the 

formation of a deep headcut and the vertical erosion continues until the foundation of 

the model reached. Subsequently, the lateral erosion became dominant after the breach 

channel was developed. Similar to the non-cohesive tests erosion was observed below 

the surface water level but with less frequency. The IMPACT Project stated that the 

time to peak and peak outflow were 4.9-5.1 hr and 340-390 m3/s respectively. When 

these values are compared to the scaled characteristics based on Froude it turned out to 

be different as shown in Table 3.4.  

Final technical reports of IMPACT project, Morris (2005), expressed that the 

accuracy for anticipating peak outflow through breached channel was in between ±30%. 

However, when the physical models were utilized to predict the peak outflow from a 

case study (Tous dam failure) the error range shifted to +50 and -20%.  Morris et al. 

(2004) discovered that numerical models, which include geotechnical parameters of 

embankment in failure mechanism in their computations, had quite close outcomes from 

the reality improving the overall precision to ±20%, when compared to the overall 

±50% average. Continuous efforts had been made by various researchers to improve 

breach simulation by focusing on physically based models and embankments with the 

help of soil properties and construction parameters. The above studies demonstrate the 

importance of compaction energy and compaction moisture content on the evolution of 

breach parameters and breach flood. 
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3.4 Discussion 

1. Data available in the literature from past embankment failures are mostly 

concentering on geometrical, and hydraulic data but lacks geotechnical information; 

thus, further investigations are required on geotechnical data.  

2. It can be concluded that there is many missing and contradicting data. Since there 

was no information recorded during the dam failure, the authors are making their 

own predictions on characteristics of the dam breach. The accuracy of the models 

can therefore be biased during the validation stage because the modeling of the dam 

failure may be influenced by the physical model results. 

3. The available data of dam failures lacks Indian dam’s failure statistics, which needs 

further investigation.  

4. The available empirical equations usually relate dam breaching parameters to one or 

two dam and reservoir properties, such as dam height (or depth of water above the 

breach invert at time of failure) and reservoir storage (or volume of water stored 

above the breach invert at time of failure). History shows many failures were due to 

the lack of quality control during embankment construction that needs to be 

investigated. 

5. A main issue with many of the physically based models presented in literature is that 

their results are not available for the practical use. This makes it very difficult for 

others to validate them or use them. The results from the experiments completed for 

model calibration/validation are also usually not fully available. This makes it very 

difficult for researchers to validate or use them and, therefore, the reader is left 

making small assumptions that may or may not be true. 

6. IMPACT project: The experiments carried out in this project were different from 

one another that make researchers inconvenient to establish any empirical 

relationships between the embankment breach characteristics and input parameters. 
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 Chapter 4  

Prediction of Breach Characteristics 

In the feeling of being near the real world, empirical equations based on case studies 

give off an impression of being more preferable when a large database of dam failure 

cases exists. The available empirical formulas usually relate dam breaching parameters 

to one or two dam and reservoir properties, such as dam height (or depth of water above 

the breach invert at time of failure) and reservoir storage (or volume of water stored 

above the breach invert at time of failure). History shows that many failures were due to 

the lack of quality control during embankment construction. In India every year, many 

water storage structures fail, but very few are reported. Till date, only 37 dam failures in 

India are reported but not appropriately analyzed. This chapter is focused on compiling 

the Indian dam failure data that can be used for developing breach parameters equation. 

The data is collected from Government reports, articles news reports and magazines. 

This chapter is also focused on developing new empirical equations for breach 

parameters and peak outflow from the dam failure. In developing the regression 

equation for breach depth, average breach width, peak discharge and failure time, 

different combination of control variables is highlighted such as the dam height, 

reservoir capacity, average dam width, dam type, failure mode and dam erodibility. In 

this study, we incorporate the dam average thickness as another control variable for 

finding out the breach parameters and found to be quite suitable for breach depth 

calculation. New equations are proposed to compute the peak outflow rate. Further, 

these equations are compared with other developed regression equations for breach 

parameters and peak outflows. 

 

4.1 Introduction 

The concept of storing of water by constructing water retention structures is as old as 

ancient human civilization. According to archeologists, the history of dam construction 

in India goes back to the pre-Harappan period, but ancient Indian scriptures tell different 

stories. There are many traces found in ancient Indian scriptures showing the importance 

of storing water but have very few writing on dam failures. The Urjayat dam was 

constructed in 300 BC and traces of its repair is still found in Junagadh rock inscription. 
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The dam is repaired several times in 137 AD under the King Rudradaman. The life of 

the dam and its cause of failure are unknown. In the modern era the importance of water 

storage structures increases that can be seen through the construction of thousands of 

dam around the world. Globally, more than 800,000 dams are storing water. As per 

ICOLD reporting’s, the world holds more than 57000 large dams and India holds 5102 

ranking third after America and China. Such a significant figure of dams also exhibit 

safety concern because when a dam fails it brings catastrophic disasters at the 

downstream of the dam. Till now several dams were failed, but very few are reported.  

Recently many authors reported hundreds of case studies in their papers. Wahl 

(1998) compiled 98 dam failures cases along with the causes of failure, dam type, 

geometry, and breach parameters. The data is also known as supercompilation  and that 

can be used for developing relationships for finding the breach parameters. Xu and 

Zhang (2009) included several dam failure cases that occurred in China along with the 

data of Wahl (1998) in his study and proposed the empirical equations of breach 

parameters. Many investigators also conducted several studies on dam failure cases and 

proposed simplified methods for determining breach parameters and peak outflow from 

a breached dam. Pierce (2010) developed equations for predicting peak-flow from 

breached dam but none of these equations include material erodibility and the time 

parameters for defining the shape of hydrograph. In 2008, Froehlich proposed improved 

version of breach parameter equations by including 63 dam failure data. Walder and 

O’Connor (1997) uses analytical approach that predicts peak outflow as a function of 

various dam and reservoir parameters, with the relation developed from analysis case 

study data from real dam failure. The breach parameter equations developed by different 

authors along with the number of case studies used is discussed in chapter 3. 

In supercompilation and other reported dam failure data, the Indian dam failures 

data is either missing or presented wrong. For the first time, the data of 16 dam failures 

are compiled in this paper with some insight into the cause of failure. In India every 

year, many water storage structures fail, but very few are reported. Till date only 37 dam 

failures had been reported and out of which only 16 dam failures were studied by the 

government authorities. The present chapter is focused on specific objectives related to: 

(1) study the Indian dam failures history and compilation of relevant data which can be 

used for developing breach parameters equation in later section; (2) develop more 

reliable empirical formula which can predict breach parameters from easily available 

input data’s that suits to Indian conditions. The data set of 140 cases collected from 
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super compilation dam failure data of Wahl (1988), Xu and Zhang (2009) and Indian 

dam’s failure are used in this paper.  For developing breach equations, 12 Indian dam 

failure data along with 140 worlds over dam failure data set are used in multivariable 

regression analysis. These equations are than tested for rest of four Indian dam failures 

to see the usability compared with other developed equations. The Root Mean Square 

Error (RMSE) also called the Root Mean Square Deviation (RMSD) is used to measure 

the difference between observed values from the environment versus predicted values 

from the developed equations. These individual differences are also called residuals. 

The RMSE serves to aggregate them into a single measure of predictive power with 

respect to the observed values is defined as the square root of the mean squared error 

given as:  

= ∑ ( − )
 

 

 

4.2 Case Studies of Indian Dam Failures  

India is a country which is dependent on monsoon rain, and that is why storing of water 

by constructing dams is of prime importance for fulfilling the basic needs of human 

lives. India is continuously increasing its water storing capacity by building more dams. 

According to Central Water Commission India (CWC), there are 5254 large dams, 

which are in operation, and about 447 are under construction and much more are still 

envisaged. However, India also has a history of catastrophic failures of dams such as 

failure of Machhu-II dam (1979) in Gujrat, which was listed as the worst dam failure in 

the Guinness book of records. India observes 37 dam failures till date and that are listed 

in Table 2.1. Government authorities are trying to study the failure of all 37 dam failures 

but succeeded in just 16 dam failure cases. The data of dam failure of 16 cases are 

compiled in Table 4.1. 

4.2.1 Kodaganar Reservoir 

The Kodaganar dam (earthen) was built between 1974 to 1977. The dam height was 

12.75 m with a storage capacity of 123 x 106 m3. The spillway of the dam was designed 

for maximum flood discharge of 1376 m3/s. When the dam was on the verge of 

completion, there was sudden cloudburst (12th November, 1977) in the catchment of 

Kodaganar reservoir.  
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Table 4.1: Compiled data of Indian dam failure cases 
  

 

UC (Under construction), Wc (Dam crest width), L (Dam Length), Q (Dam Design Flood), HD (Homogeneous Dam), CD (Composite 
Dam), O (Overtopping Failure), P (Piping), S (Seepage), HE (High probability), ME (Medium erodibility), & LE=Low erodibility

S.No. Dam name Type 
hd 

(m) 
Wc 
(m) 

L 
(m) 

V (m
3) 

106 
Q 

(m3/s) 
hw 

(m) 
FM E 

Bavg 
(m) 

Qp 
(m3/s) 

tf 
(hr) 

hb 

(m) 
1 Kodaganar HD 12.75 6 2425 123.00 1274 13.2 O HE 415 7079 - 12.2 
2 Ghurlijor HD 12.19 3 593.3 2.179 204 13.99 O HE 60 228 - 12 
3 Panshet CD 63.56 6 765 310.61 1162 64.76 P/O LE - 10763 7 63 
4 Khadakwasla CD 36.09 4 1539 86.00 2974 38 O LE 70 16000 4 36 
5 Palem Vagu HD 46 6 810 35.60 1416 - P HE 90 2425 2 24 
6 Palem Vagu (UC) HD 36 56 810 - - 36.5 O HE 215 - - 36 
7 Kadam HD 30.78 3.28 2050 215.30 4955 31.24 O HE 137.2 14158 4 30 
8 Kaila HD 23.08 3.5 213.3 13.98 - - S HE - - - 23.08 
9 Dantiwada HD 61 6 4881 464.00 6654 61.6 O ME 110 11950 - 56 
10 Machhu-II CD 22.56 6.1 5210 100.55 5663 28.66 O HE 422 16307 2 22.56 
11 Mitti HD 16.02 - 4405 17.40 2638 16.1 O ME - - - - 
12 Pratappura HD 10.67 3 2500 4.12 - P HE - - - - 
13 Jamuniya HD 15.4 3.3 2772 9.209 108 - P LE 50 1800 6 15.4 
14 Nandgavan CD 18.64 - 735 2.06 855 19.64 O HE 90 4100 0.33 18.64 
15 Nanaksagar HD 16.5 - 19200 209.80 1600 16.6 P/O HE 150 9711 - 16.8 
16 Gararda HD 31.76 - 4270 44.38 3372 - O HE 105 - - - 
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This caused a flash flood of about 7080 m3/s, which was five times more than the design 

capacity of the spillway. Due to insufficient capacity of storage and spillway discharge, 

it was noticed that the entire dam was overtopped by almost 3 to 5 cm. The dam 

developed breaching at four different locations between chainage 185 to 205 m, 300 to 

450 m, 1280 to 1480 m and 2085 to 2130 m. Breaching of the dam had occurred only 

because it did not have sufficient spillway capacity to the discharge the inflow. 

4.2.2 Ghurlijor Dam 

During 2004 monsoon season, the flood water outflanked the spillway at the right 

abutment forming deep gully and severely damaging the right abutment wall and the 

ogee structure. Heavy rainfall caused a high flood. The junction of right abutment with 

right earth dam gave away and outflanked the abutment structure, and deep gully was 

formed. The spillway was also damaged. The depth over crest was reported to be 1.8 m, 

i.e., the water level of 246.7 m. Outflow was observed to be 228 m3/s. The probable 

cause of outflanking: Flood might overtop the dam at right flank.  The present data of 

TBL from RD 60 to RD 180 (Right flank) and L section of dam shows low levels in the 

range 245.4 m to 247.1 m. Between RD 0 to RD 60, the TBL may be less and flood 

water might have overtopped. The failure could be piping as the right abutment wall was 

recently reconstructed (2002-2003), the backfilling with soil was also recent, and there 

is very possibility that the backfilled soil was dumped with inadequate compaction. 

4.2.3 Panshet and Khadakwasla Dam 

Before the failure of the dam, there was continues rain for almost three weeks with 

accumulate rainfall of about 1778 mm. It was noticed that on 26 June 1961 water level 

of the reservoir was raised by 9.5 m in a single day. The total value of water of about 

205 x 106 m3 reached in the dam in these three weeks of rainfall. There was a massive 

storm on 10 July 1961, which created water waves of about 1.8 m high on reservoir 

causing water to overtop the dam between the lengths of 365 to 610 m. It was also 

observed that water was flown out through a small hole at the top of conduit that was 

increased on 11th June, 1961. To stop the scouring from the opening, sandbags and steel 

plates were placed on the upstream slope of the dam. There were several cracks 

observed on the upstream casing surface. The embankment of about 10 m length above 

the conduit settled down by almost 1.3 m and to prevent the overtopping of embankment 

sandbags was placed. The rescue of people from villages had started by authorities at 
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00.30 AM on 12th July, 1961. After 6 hr from the initial warning to rescue people, i.e., at 

6:30 AM, the overtopping of dam starts and within few hours the dam failed.  

Water from a breached portion of Panshet dam entered the reservoir of Khadakwasla 

dam that causes a rapid increase in water level of Khadakwasla reservoir. In a short 

duration of 1.5 hr, the water level was increased by 6 m. With in 4 hr from the start of 

overtopping flow of Panshet dam, the Khadakwasla dam started overtopping and at 1.15 

PM, spillway portion was damaged. At 2.30 PM, serious cracks were observed on the 

dam body, and dam is failed. In Pune city 4421 houses and in rural area 632 houses 

were damaged, and about 95000 people were affected due to resulting flood. 

4.2.4 Palem Vagu Dam 

Palem Vagu dam had failed twice due to overtopping. For the first time it collapsed in 

2006 when the dam was, 70% completed. The second failure was in 2008 when the dam 

was fully built. First breach before completion: When the dam was overtopped, at that 

time the earth dam in gorge portion was at an elevation of 126.00 m against the top bank 

level of 135.00 m. On 4th August, 2006, there was a flash flood in the Vagu which 

causes a rise in water level touching 126.50 m. Hence, the flash floods resulted in 

overtopping of earthen by 0.5 m over the dam leading to washing away of an earthen 

dam in the gorge portion from 195 m to 410 m reach creating almost 215 m of breach 

width. Second time breach after completion: The water level of 126.15 m was noticed 

on 03rd August, 2008 at 1:00 PM. Due to flash flood, the water level in the reservoir 

increased rapidly and attained a level of 131.7 m in the early morning of 04th August, 

2008. At 4:00 AM of 4th August, the cracks on embankment were noticed which 

ultimately developed into a breach by 6:30 AM. In inspection at 11:00 AM, the dam had 

breached from 260 m to 350 m creating 90 m wide breach with the water level at 112 m 

and with a discharge of 250 m3/s. From the government reports, it is observed that the 

breach initiation time of Palem Vague dam failure was almost 150 minutes and breach 

formation time was 270 minutes.  At a distance of 330 m in along the dam from its 

abutment, piping caused further erosion at the downstream bund and that had resulted in 

significant breach. The sudden rise of water level by 5.5 m in a short span of 1.4 hr 

might had aggravated the situation. The failure of earth dam occurred under the steady 

seepage condition only, and it appeared to be due to:  

1. Flash flood causing rapid rise of water levels in the reservoir resulting in sudden 

thrust and hydraulic pressure within earth dam 
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2. The dam was completed one month before its failure. Earth dam requires sufficient 

time to gain strength. Hence filling dam is gradual spread over extended time. 

3. The crest level of the ungated spillway is at 132.5 m, which are at a higher elevation, 

and does not provide scope to regulate the flow at a lower level.   

4. Maximum flood was underestimated at 1415 m3/s, but the requirement is 2265 m3/s. 

4.2.5 Machhu II Dam 

A disaster that is unforgettable to India had the causalities of more than 2000 lives. 

Rainfall started in the afternoon of 10th August, 1979 and by evening the rain was so 

heavy that Machhu-11 dam operators start releasing water by opening 18 sluice gates by 

1.8 m. The sluice gates were 9.1 m high. At about 11:30 PM the water level was 56.9 m 

against the danger level of 57.6 m. At that time, the authorities decided to open the 

sluice gates fully using dam generator. After the opening of 15 gates, generator coil and 

electric motors were blown away causing partial opening of gates 16th, 17th, and 18th. 

The water level was still rising. In the wee hours, the sluice gates were tried to open 

manually, but it was too late. Subsequently the water level immersed to the 57.92 m. 

Flood warnings and announcements were made to evacuate the people in the low-lying 

areas. The afternoon of 11th August, 1979, the dam collapsed because of inadequate 

spillway capacity. The dam was overtopped by 6.1 m of water depth above the crest. 

The dam had failed in less than two hours of overtopping. Within 20 minutes, the high-

intensity flood hit the low-lying areas giving no time for evacuation of people. 

According to locals, if all the floodgates were opened earlier on 10th August, 1979, this 

devastating disaster might not had happen. The conclusion of case study carried out at 

the University of Roorkee regarding the shape, size and duration of breach suggested 

that breach is developed in about an hour with a final bottom width of 316 m and a side 

slope of 1V: 2.7H. The breach height was equal to the dam height of 22.56 m. 

4.2.6 Kaddem Dam 

The Kaddem dam had failed in 1959. The design capacity of the spillway was 4955 

m3/s, but there was massive flood of 14160 m3/s entered into the reservoir rapidly. The 

dam was overtopped by 0.46 m of water above the crest despite a free board allowance 

of 2.4 m. Due to overtopping of the dam, a significant portion of about 137.2 m of 

embankment was breached on the left bank. There were two more breaches noticed in 
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the right section of the dam. The dam was reconstructed in 1964 with a discharge 

capacity of 10880 m3/s. This dam was again overtopped in 1995. 

4.2.7 Dantiwada Dam 

The dam was designed for design flood of 6654 m3/s but on the failure day, the observed 

flood into the reservoir was 11950 m3/s, almost 80% increases in flood from the design 

capacity that increased water level in the dam up to 185.6 m against the designed high 

flood level of 185 m.  The dam was failed in September 1973 due to overtopping. 

4.2.8 Jamuniya Dam  

Before the failure of the dam, there was continuous rainfall in the catchment for almost 

6 days from 14th to 19th August, 2002, that accumulated rainfall of about 359 mm. In the 

morning of 19th August, the reservoir was utterly filled against the 35% fill of water on 

14th August. Seepage was first noticed at 58 m length of an embankment on 19th August, 

(evening), and work had been started for controlling it on the same day. On 20th August, 

2002 at 5.00 AM, more water started flowing out through seepage and around 7:30 AM 

the water was uncontrollable. Within 2 hr, almost 70% of water was flown out and at 

2:30 PM the reservoir was completely emptied. The breach initiation time of 14 hr and 

the breach formation time (failure time) of 6 hr was recorded. 

4.2.9 Nandgavan Dam 

Nandgavan dam had failed on 7th September, 2005. A 2 m overtopping depth of water 

was noticed over the waste weir. This led tremendous pressure on the wall and was 

collapsed from the center and almost 90 m of length was washed away.  The casualty of 

14 people including 5 missing was reported in the Nandgavan dam collapse. 

4.2.10 Nanaksagar Dam 

The dam was constructed in 1962 at Bhakra in Punjab state. On 27th August, 1967 the 

record break heavy monsoon rain created a massive discharge of 9711 m3/s entering the 

reservoir.  The dam had failed due to piping. Initially the water was leaked through 7.6 

m breach. At later stages the water rushed through the leakage causing the widening of 

breach by 45.7 m. After the settlement of the embankment, water overtopped. The 

overtopping of embankment  created breach width of  150 m wide. 
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4.2.11 Tigra Dam 

The gravity dam of 24 m height was constructed for the purpose of water supply way 

before the independence of India on 1917. At that time, the dam was constructed using 

mortar. The  cause of failure of dam was overtopping as well as sliding. Due to sliding 

the dam was overtopped by 0.85 m of depth over a crest length of 400 m.  Two 

signifiant blocks washed away with the heavy flow of water. On 1929, the dam was 

reconstructed. 

4.2.12 Garada Dam 

The dam was breached when the water level was at 291 m against the full reservoir level 

of 295 m during its first filling of Garada dam reservoir.  After the initiation of breach, 

the breach width continuously increased due to sliding of the dam embankment. A total 

breach width of 105 m was developed.  Inspection committee reported that the 

maximum dry density of embankment in the breached portion was between 80-97% 

against the requirement of 98%. Further, they found that during construction of dam 

compaction layer thickness of 30 cm to 120 cm was laid against the recommended layer 

thickness of 15 cm. Also a vibratory roller in place of recommended sheep foot roller 

does the compaction. The earthen dam in breached portion was constructed in three 

different stages viz. firstly upstream shell portion was raised, after that downstream shell 

was raised and in last central impervious core, section was constructed/ raised instead of 

raising all the three portions simultaneously. Such type of construction practice is 

strictly prohibited. Compaction was loose to medium, and no filter was present in the 

remaining portion of the dam. In the design of embankment, the trapezoidal core with 

top width 3.8 m and side slopes of 0.5:1 was recommended, but the committee found no 

sign of core.  

 

4.3 Indian Dam Failure Statistics 

It is perceived that one breach model won't cover all the failure mechanisms of the 

varied type of embankments optimally. Designers and government specialists are 

frequently confused about which model ought to be utilized under which conditions. 

There is a staggering need to look at, assess existing modeling tools, and select an 

arrangement or methodology of best in class to simulate the breaching mechanism of 

earthen dams. Presently the existing models only simulate the breach formation 
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processes after providing the initial breach and are incapable of handling the breach 

initiation mechanism adequately. The regression equations developed for calculating 

breach parameters are often used in dam break analysis. So, the initial and most 

important in analyzing dam failure is the accurate prediction of breach parameters. This 

chapter tries to improve the proposed equations to find out the peak outflow and breach 

parameters for the Indian dam disasters. The values obtained from the regression 

equations for the breach parameters and the peak outflow is compared with observed 

data, and the standard error of estimation is also evaluated. Practically breach initiation 

time is not possible to evaluate, and continuous research is going on physical models of 

the dam for evaluation of these parameters. Therefore, the developed failure time 

equations are breach formation time. In dam break analysis, the peak discharge and time 

of occurrence of peak discharge is essential factor to be evaluated. This time of 

occurrence of peak discharge is dependent on the exact prediction of breach parameters 

and most importantly the breach formation time. 

 

4.3.1 Peak Outflow Prediction 

The peak outflow prediction ( ) for Indian dam failures was evaluated by using the 

work of Bureau of Reclamation (1988), Froehlich (2008), and Xu-Zhang (2009) 

equations as given bellow in Eq. (4.1), Eq. (4.2), and Eq. (4.3) respectively.  

 = 19.1(ℎ ) .  [4.1] 

= 0.607 . ℎ .  [4.2] 

⁄ = 0.175(ℎ ℎ⁄ ) . ( ⁄ ℎ ) . 	  
[4.3] 

 

where, =	 + +  = -0.503 (DC), -0.59 (FD), -0.649 (HD/ZD) =	-0.705 (Overtopping), -1.39 (Piping);  =  -0.007 (HE),-0.375 (ME),-1.362 (LE) 
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4.3.2 Breach Width Prediction 

The prediction of breach width is carried out by using Eq. (4.4), Eq. (4.5), and Eq. (4.6) 

developed by Bureau of Reclamation (1988), Froehlich (2008), and Xu-Zhang (2009), 

respectively.  

 = 3ℎ  [4.4] = 0.27 . (O, = 1.3	&	P, = 1.0 ) [4.5] ℎ⁄ = 0.787(ℎ ℎ⁄ ) . ( ⁄ ℎ ) . 	  [4.6] 

where,  =	 + +  = -0.04 (DC), 0.026 (FD), -0.226 (HD/ZD) =	0.149 (Overtopping), -0.389 (Piping); = 0.291 (HE), -0.14 (ME),-0.39 (LE) 

 

4.3.3 Failure Time Prediction 

The prediction of failure time is also carried out by using the equations by Eq. (4.7) 

(Bureau of Reclamation 1988), Eq. (4.8) (Froehlich 2008), and Eq. (4.9) (Xu-Zhang 

2009). 

 = 0.011( ) [4.7] 
 = 0.0176 ( ℎ )⁄  

[4.8] 
 ⁄ = 0.304(ℎ ℎ⁄ ) . ( ⁄ ℎ ) . 	  [4.9] 
 

where, =	 + +  = -0.327 (DC), -0.674 (FD), -0.189 (HD/ZD) =	0.579 (Overtopping), 0.611 (Piping); =  -1.205 (HE), -0.645 (ME), 0.579 (LE) 

 

Case studies carried out using data from Indian dams are presented in Table 4.2 that 

demonstrates the application of breach predictor equations and the uncertainties. Whal 

(1998) study has found considerable uncertainty in the breach parameters and as such, 

their application for dam break analysis is under a question mark. The standard error of 
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estimate has been calculated for breach parameters, and it is found that all the breach 

parameter equations resemble massive difference between observed vs. predicted 

values. It is seen that the peak outflow calculated using Froehlich (2008) has less error 

whereas Xu-Zhang (2009) over predict the peak outflow as compared to BR (1988). The 

breach width calculated using Froehlich (2008) gives less uncertainty and has close 

resembelence to the observed as compared to other two equations. For the prediction of 

failure time Froehlich (2008) equation is comparably more suited for Indian dam 

failures whereas in most of the cases Xu-Zhang over predicts the breach time. On the 

other hand, BR (1988) gives very less time in many cases as compared to the observed 

values. For breach depth, calculation Xu-Zhang (2009) formula can be used for Indian 

dam failure as to more close to the observed values. 

 

Table 4.2: Indian dam breach prediction 

Dam 
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Kodaganar 40 158 101 2260 3624 6190 1.7 5.2 6.9 12.1 

Ghurlijor 42 43 56 2516 1185 1936 0.5 0.6 0.7 11.6 

Panshet 194 289 321 42850 34230 103481 3.2 1.9 1.8 55.8 

Khadakwasla 114 173 198 15982 12100 31038 1.9 1.6 1.5 33.3 

Palem Vagu - 86 - - - - 0.9 1.5 5.9 45.9 

Palem Vagu 
(UC) 

110 - - 14835 - - - - - 32.8 

Kaddem 94 224 239 11124 12442 35151 2.5 3.1 2.7 28.3 

Kaila - 63 - - - - 0.7 0.9 1 23.9 

Dantiwada 185 322 326 39062 36215 114355 3.5 2.7 2.5 53 

Machhu-II 86 166 100 9484 8931 15333 1.8 2.7 4 21.4 

Mitti dam 48 - - 3263 2604 3591 - - 2.7 15.1 

Pratappura - - - - - - - - 1 11.3 

Jamuniya - 51 - - - - 0.6 1.1 1.1 16.2 

Nandgavan 59 46 67 4714 1775 2917 0.5 0.4 0.5 17.8 

Nanaksagar 50 199 212 3453 5637 15523 2.2 5.2 3.9 15.6 

SEE 135.4 121.9 158.9 13754 11181 46892 2.5 2.29 2.92 12.1 
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4.4 Development of Breach Characteristics Equation  

The data of 156 dam failures are used for the study that includes Whal (1998) supper 

compilation, Zhang (2009) and 16 new Indian dam failure cases. The data comprises 

with mostly homogeneous dams of about 61%. The variation of dam height is uniform 

from 1 m to 60 m with unknowns of 26.9%.  Reservoir capacity largely varies between 

1.0 × 106 to 1.0 × 108 m3. Most of the embankments failed due to overtopping (51.3%), 

seepage or piping (37.8%), and sliding failure (5.8%) of all the 156 data, while the rest 

are unknown. Table 4.3 represents more information on the dam failure data. We note 

that the mentioning of dam erodibility as low, medium or high is based on construction 

era, soil type near the construction place and compaction methods used for the making 

of the dam. 

 

Table 4.3: Dam failure data  
Total Numbers of Dam Failure = 156 

Dam Type 
Dam Height 

(m) 
Reservoir 

Capacity (Mm3) 
Failure Mode 

Homogeneous dams 
= 61% 

<10 = 18.6% <1.0 = 21.8% 
Overtopping = 

51.3% 
Dam with corewalls = 

10.9% 
10-15= 20% 1.0-10 = 17.3% 

Seepage /Piping = 
37.8% 

Zoned filled dams = 
5.8% 

15-30 = 18.6% 10-100 = 21.8% Sliding = 5.8 % 

Concrete faced dam = 
3.2 % 

30-60 = 18% 100-1000 = 6.4% Unknown = 5.1 % 

Rockfill dams = 3.2% 60-100 = 3.8% Unknown = 32.7% 
Unknown = 12.2% Unknown = 6.9% 

 
 
4.4.1 Methodology Used for Developing Breach Equations 

This chapter evaluates five breaching parameters (breach depth, breach top width, 

average breach width, peak outflow rate and failure time) individually as outcomes of 

multivariate regression analysis using 152 dam failure data including 12 Indian dam 

failure and rest 4 Indian dam failure data are used to validate the equations. We consider 

three control variables [dam height (hd), reservoir capacity (V), average dam thickness 

(W)] and three discrete variables [dam type (X4), failure mode (X5), dam erodibility 

(X6)] that are expressed as dummy variables in multivariate regression analysis. The 

outcome and control variables are dimensionally and non-dimensionally evaluated in 
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both additives (linear) as well as multiplicative form (non-linear).  Breach parameters 

and control variables in its dimensional and non-dimensional form are shown in Table 

4.4.  

Multivariable regression is a linear transformation of the X variables such that 

the sum of squared deviations of the observed and predicted Y is minimalized. In 

multivariable regression, the value of the dependent variable depends on several 

independent variables instead of one.  Eq. (4.10) in additive form (linear) and Eq. (4.11) 

in multiplicative form (nonlinear) are used to establish empirical relationships.  

 = + + + + ( + ) + ( )+ ( + )  

[4.10] 

 = ( )( )( ) [4.11] 

 

where, Yi (i=1, 2…5) are the five breaching parameters (dependent variable) Xis = 

predictors and bis = regression coefficient. Equation (4.11) can be rearranged to additive 

form by taking logarithm to both sides of equation and presented as Eq. (4.12) 

 = + + ++ +	. . … . + )  

[4.12] 

 

The process of establishing the empirical formula for dam breach parameters includes 

the following steps: 

1. While selecting control variables (X1, X 2, X 3, X 4, X 5, and X 6) from the case 

study for finding breach parameter (Yi), it may be possible that some control 

variables are not known. Proper selection of control variables is the first step of 

finding Yi. 

2. Conduct multivariate regression analysis (additive and multiplicative) for all the 

six control variables and then carryout the regression by considering different 

combinations of predictors. The model with a higher value of regression 

coefficient R2 is preferred.  The selected model is used to establish the empirical 

formula for breach parameters.    
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Table 4.4: Breaching parameters and predictors for multivariate regression 
Breaching Parameters Control Variables 
Dimensional (m, m3/s, hr) 
Y1=hb (Breach depth ) X1=hd (Dam height) 
Y2=Bt (Breach top width) X = ⁄  (Reservoir capacity) 
Y3=Bavg (Average breach width) X3=W (Average thickness of dam) 
Y4=Qp (Peak discharge)  
Y5=tf (Failure time)  
Non-dimensional 
Y1 = hb/hd    (Breach depth ) X1 = hd/ hr (Dam height) 
Y2 = Bt/hb (Breach top width) X = V ⁄ ℎ  (Reservoir shape coefficientt) 
Y3 = Bavg/hb (Average breach width) = ⁄  (Peak discharge) 

Y5 = tf/tr  (Failure time) 

Failure Mode X51 X52  
Overtoping 1(e) 0(1)  

Piping/seepage erosion 0(1) 1(e)  

 Dam Type X41 X42 X43 
With Corewalls (DC) 1a (eb) 0(1) 0(1) 
Concrete Faced (FD) 0(1) 0(1) 0(1) 
Homogeneous/zoned-fill (HD/ZD) 0(1) 0(1) 1(e) 

 Dam Erodibility X61 X62 X63 
High Erodibility (HE) 1(e) 0(1) 0(1) 
Medium Erodibility (ME) 0(1) 1(e) 0(1) 
Low Erodibility (LE) 0(1) 0(1) 0(1) 

(a value used for linear regression, b value used for non-linear regression) 

4.4.2 Proposed Empirical Equations 

Breach depth 

We propose two equations for breach depth. For the formulation of breach depth, the 

additive and multiplicative regression analysis result for different cases are summarized 

and a high regression coefficient model is chosen for establishing the empirical formula 

for beach depth. Eq. (4.13) and Eq. (4.14) are developed from the multiplicative 

nonlinear regression model. Figure 4.1 (a) and Figure 4.1 (b) show the result for 

observed versus predicted breach depth from Eq. (4.13) and Eq. (4.14) respectively.  

 ℎ = 0.618	ℎ . . .  [4.13] ℎ = 0.868ℎ . .  [4.14] 

 

where, C1 = b5 +b6, b5 = -0.072 for Overtopping, -0.045 for Piping Failure, b6 = 0.222 

for HE, 0.145 for ME 
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Figure 4.1: Observed versus Predicted breach depth for (a) Eq. (4.13) and (b) Eq. 
(4.14) 

  

Breach top width 

Using the same procedure of analysis, the regression results for all the six breaching 

parameters and their combination are obtained. The best prediction model has been 

selected for developing the empirical formula for breach top width. For breach top width 

the non-dimensional multiplicative model with regression coefficient of 0.628 has been 

selected. The developed Eq. (4.15) gives correlation coefficient of 0.83 (Figure 4.2) for 

observed versus predicted breach top width. 

 = 0.59( )( ) . ( ) .  [4.15] 

 
where, C2 = b4 + b5 + b6, b4 = -0.095 for DC, -0.206 for HD and ZD, b5 = 0.447 for 

Overtopping, b6 = 0.7 for HE, 0.216 for ME, 0.154 for LE 

 

Figure 4.2: Observed versus Predicted breach top width 
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Average breach width 

Multiplicative regression model having coefficient of determination of 0.67 is used for 

the formulation of average breach width [Eq. (4.16)] relation given as:  

ℎ = 0.386ℎ . ( . ℎ ) .  [4.16] 

 
where,  C3 = b4 + b5 +b6, b4 = -0.221 for dam with DC, -0.40 for HD and ZD, b5 = 0.415 

for overtopping, b6 = 0.776 for HE, 0.261 for ME. 

 

Peak outflow rate 

Two new empirical equations [Eq. (4.17), Eq. (4.18)] are proposed for the calculation of 

peak discharge from the breached dam. Exact prediction of peak discharge is an 

important task because this needs to be routed to the downstream. Many factors such as 

reservoir capacity, height of dam and others are involved in affecting the peak 

discharge. With these factors many researchers developed there empirical formulas for 

peak discharge. Here, multivariable regression analysis are carried out for peak 

discharge prediction with new control variables such as breach parameters (breach 

depth, average breach width etc.) and try to bring out the best model by inserting each 

non-dimensional breach parameter as a predictor with the combination of five predictors 

(dam height, reservoir shape coefficient, dam type, failure mode, and dam erodibility). 

We found that average breach width is the most important factor on peak discharge 

estimate as compared to the other breach parameters. The linear correlation coefficient 

for observed peak discharge versus non dimensional average breach width is 0.46 and it 

shows an increasing trend i.e. with the increase in breach width, the peak discharge 

increases.  Formulation of peak discharge follows the same procedure as followed in 

breach depth formulation with only difference being the inclusion of non-dimensional 

average breach width as a new predictor. Equations for Qp is given as: 

 = ( ℎ ) . ( ) . (ℎ ) .  [4.17] 

 

where, C4 = b1 + b2 +b3, b1 = 0.416 for dam with DC, 0.113 for HD and ZD, b2 = 0.218 

for Overtopping, b3 = 0.9 for HE, 0.848 for ME  
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⁄ = 0.007(ℎ /	ℎ 	) . (V ⁄ ℎ ) .  
[4.18] 

 

where, C4 = b2 + b3,  b2 = 0.69 for Overtopping, 0 for Piping, b3 = 1.238 for HE, 1.07 

for ME and 0 for LE 

 

Failure time 

The reliability of prediction of failure time is too insignificant from the documented data 

of Xu-Zhang (2009) that does not clearly justify weather it is a breach initiation time or 

breach formation time. In case study data by Whal (1988) the breach formation time is 

clearly mentioned but the number of data sets are limited. Multivariate regression 

analysis (additive and multiplicative) is carried out and the following regression model 

is selected for the formulation of breach failure time in additive form as shown in Eq. 

(4.19) 

 = 0.187(ℎ /	ℎ	 ) . (V ⁄ ℎ ) .  [4.19] 

 

where,  C5 = b2 + b3, b2 = -0.457 for Overtopping, b3 = -1.4 for HE, -1 for ME 

 

4.4.3 Comparison with Existing Breach Equations 

Suitability of developed equation for Indian dam condition is tested on four Indian 

dam failures. The equations proposed for breach depth [Eq. (4.14)], average breach 

width [Eq. (4.16)], peak outflow [Eq. (4.18)] and failure time [Eq. (4.19)] uses 12 Indian 

dam failure data along with 140 world over data. These equations are validated with rest 

of four Indian dams Jamunia, Nandgavan, Nanaksagar, and Palam Vague. The observed 

versus predicted breach depth values for Xu-Zhang and Eq. (4.14) is shown in Table 

4.5. In case of Eq. (4.14) the RMSE of breach depth is 1.35 which is less as compared to 

the RMSE of Xu- Zhang breach depth equation. Similarly, Tables 4.6, 4.7 and 4.8 

shows the observed versus predicted value along with RMSE for average breach width, 

peak outflow, and failure time respectively. It can be seen that with the inclusion of 

Indian dam failure data in developing the equations, will enhance the usability of breach 

equations for Indian dams is enhanced drastically. The developed breach equations in 
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this work provide close results for four Indian dam failures as compared to other 

researcher’s equations. 

Table 4.5: Observed versus Predicted breach depth (m) 
Dam Name Observed Xu-Zhang Present Eq. (4.14) 

Jamunia 15.4 12.73 12.90 

Nandgavan 18.64 19.37 18.40 

Nanaksagar 16.5 16.99 17.36 

Palam Vague 46 45.92 45.43 

RMSE/SEE - 1.41 1.35 

 
Table 4.6: Observed versus Predicted average breach width (m) 

Dam Name Observed B.R Froehlich Xu-Zhang Present Eq. (4.16) 

Jamunia 50 46 51 28 26 

Nandgavan 90 59 46 66 76 

Nanaksagar 150 50 199 212 188 

Palam Vague 90 138 86 53 93 

RMSE/SEE - 57.7 32.79 39.33 23.77 

 

Table 4.7: Observed versus Predicted peak outflow rate (m3/s) 
Dam Name Observed B.R Froehlich Xu-Zhang Present Eq. (4.18) 

Jamunia 1800 3006 2042 658 407 

Nandgavan 4100 4714 1775 2917 2315 

Nanaksagar 9711 3453 5637 15523 10264 

Palam Vague 2425 22758 11822 17710 13298 

RMSE/SEE - 10658 5786 5822 3447 

 

Table 4.8: Observed versus Predicted failure time (hr) 
Dam Name Observed B.R Froehlich Xu-Zhang Present Eq. (4.19) 

Jamunia 6 0.564 1.064 6.414 7.268 

Nandgavan 0.33 0.507 0.405 0.435 0.450 

Palam Vague 2 0.946 1.461 0.988 1.384 

RMSE/SEE - 3.198 2.867 0.634 0.817 
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The observed versus predicted average breach width (Figure 4.3) for present study, Xu-

Zhang (2009), Froehlich (2008) and Bureau of Reclamation(1988) are compared. The 

developed equation in the present study gives higher correlation coefficient. Similarly, 

correlation coefficient for observed versus predicted peak outflow rate by different 

researchers are shown in Figure 4.4. Present study gives failure time equation in additive 

(linear) form and Xu-Zhang (2009) failure time equation is in multiplicative (nonlinear) 

form. Figure 4.5 shows the comparison between observed versus predicted breach time 

for the present study as well as Xu-Zhang (2009) work. The RMSE is calculated for all 

the authors and it is found that the present breach equations have less RMSE as 

compared to other authors (Table 4.9). 

 

 

 
Figure 4.3: Observed versus Predicted average breach width (m) by various 

researchers  
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Figure 4.4: Observed versus Predicted peak outflow rate (m3/s) for various 

researchers 
 

 
Figure 4.5: Observed versus Predicted breach time for present equation and Xu-

Zhang 
   

Table 4.9: RMSE for the evaluated parameters  

Breach Parameter B.R (1988) 
Froehlich 

(2008) 
Xu-Zhang 

(2009) 
Present 

Breach depth (m) - - 4.2 3.6 

Average breach width (m) 88.9 71.2 60.4 56.8 

Peak outflow (m3/s) 12881 5010 9600 5083 
Failure time (hr) 2.05 1.94 1.41 0.95 
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4.5 Summary 

For the first time, we tried to incorporate the data of Indian dam failures (which are 

considered classified) to propose equations for evaluation of breach parameters for the 

earthen dams. Out of 36 reported dam failures in India, we could collect data for 16 

dams that are included in the present analysis to modify/improve the equation on dam 

breach to suit Indian condition. Bureau of Reclamation (1988), Froehlich (2008), and 

Xu-Zhang (2009) equations are used to predict the peak outflow and breach parameters 

for Indian dam failures. 

The developed new breach equations using 16 Indian dam failure data along with 

140 world over dam failure data is analyzed for both linear and nonlinear multivariable 

regression approaches, and the best approach is selected for predicting embankment 

breach parameters and peak outflow rate. Out of 16 available Indian dam breach data, 

12 dam data is used at random to rebuild the breach equations and rest four are used to 

validate the developed equations. The new control variables such as the breach depth, 

average breach width along with mentioned control variables is analyzed in 

multivariable regression for developing peak discharge equation. The best peak outflow 

prediction model is developed by inserting non-dimensional breach parameter as a 

predictor with the combination of five predictors (dam height, reservoir volume, dam 

type, failure mode, and dam erodibility). We found that average breach width is an 

important factor on peak discharge estimate as compared to the other breach parameters. 

Average thickness of dam also plays an essential role in the calculation of breach depth 

that needs to be further analyzed by conducting more case studies. The developed 

equations can further improved by incorporating more dam failure data for Indian dams 

in the study. 
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 Chapter 5  

Experimental Investigation of Embankment 
Breach Based on Construction Parameters  
 

This chapter presents the analysis of laboratory experimental data obtained from the 

overtopping failure of eight cohesive embankments built with different construction 

parameters. Experiments were performed in two phases. Five experiments under phase 1 

were carried out in a small flume of 17 m long, 0.6 m wide and 0.6 m high. In phase 2, 

three experiments were performed on a large width flume having dimensions of 13 m 

long, 1.75 m wide and 0.5 m high.  Construction parameters, which were varied in 

embankments, are compaction energy, compaction moisture content, and the moisture 

content at the time of failure. Phases 1, series of experiments were directed to 

investigate the effect of compaction energy and compaction moisture content on breach 

parameters. In Phase 2, series of experiments were focused to investigate the effects on 

breach evolution when the embankments were air dried to reduce its moisture content 

leading to development of cracks. As the water content of clay decreases or increases, 

the soil shrinks or swells causing damage to the embankment ranging from small 

hairline cracks to severe structural distress. A sudden rise of water level in a reservoir 

may be due to heavy rain that leads to rushing of water through cracks, and if water 

overtops the embankment, it leads to quick failure. Temporal view of water surface 

profile, headcut location and discharge from breached portion of embankments were 

measured.  A non-dimensional factor is proposed in this chapter for developing equation 

relating the headcut migration rate.   

 

5.1 Introduction 

For every structure, there is a limit to which it can sustain to withstand the forces 

applied. An unexpected and unforeseen natural event increases the applied forces that 

might trigger the failure of the structure. Potential dam failure is one such event that 

produces flash flood leading to significant loss to human lives and property. In early 

1960’s, there was a growing awareness worldwide of the devastating consequences due 

to a potential dam failure. Most of the failures in the records were breaching of earthen 

embankments due to overtopping.  Therefore significant efforts have been made on this 
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complex mechanism and phenomena of embankment breaching, but still many 

uncertainties related to breach modeling are still existent (Morris 2005). Incomplete 

understanding of breach formation processes leads to the limited capabilities of the 

mathematical description of breaching mechanisms thus presently developed breach 

models rely on several assumptions.  One of the vital steps in dam break modelling is 

the accurate prediction of the breach outflow hydrograph and towards this many fields 

and laboratory experiments were carried out for different aspects like embankment 

geometry, construction parameters, soil texture and hydraulic conditions. The prediction 

of geometric and temporal parameters of embankment dam breaches is widely 

recognized as one of the most significant downstream flooding and associated 

consequences (Wahl et al. 2009).   

It is noticed that development of small inline cracks in earthen embankments is 

common. This is due to the inability to control the moisture content while constructing 

earthen embankments. If the embankments are built beyond the shrinkage limit of soil, 

the possibility of crack formation increases. Further sudden drawdown and rise in water 

level at summer rainy season is common in reservoirs, which causes the expansion, 

contraction, and sliding of the embankments soil. The exposed portion of the 

embankment to the direct sunlight for extended duration remove the moisture content to 

a greater extent that it produces small cracks on the surface of the upstream and 

downstream slope.  The sudden rise of water level in the reservoir due to heavy rainfall 

cause rushing of water through cracks that week the bond between soil particles. If 

water is overtopped, this leads to quick erosion of embankment soil. The present work, 

through a series of 8 types of experimental dam failure study focuses on: (1) 

Investigation of the effect of changing compaction effort and moisture content on the 

headcut migration, breach parameters, and flood hydrograph; (2) Assessing the 

overtopping behaviour of embankments when they are air dried for a long time so that 

they develop cracks in there surfaces.     

5.2 Experimental Setup and Procedure 

Eight experiments of overtopping failure for cohesive embankments were carried out in 

two phases at the Hydraulic Engineering Laboratory NIT Rourkela, India. Five 

experiments were conducted in phase 1 in a small width flume having a dimension of 17 

m long, 0.6 m wide and 0.6 m high.  In phase 2, three experiments were carried out in a 

large width flume having dimensions of 13 m long, 1.75 m wide and 0.5 m high. Figure 
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5.1 the schematic diagram of experimental setup for Phase 1 and Phase 2.  A 

recirculating water supply system was established from an underground sump to a RCC 

overhead tank and from there into the flumes, that returns the water back to the sump 

through the volumetric tank. The operating valves were calibrated for different openings 

to get the desired discharge before the experiments. In all the experiments of phase 1, a 

constant inflow was maintained, while in Phase 2 experiments inflow hydrograph was 

provided to the reservoir for maintaining constant head condition throughout the 

experiment. A continuous video documentation of each experiment were recorded using 

two video cameras were used; one camera was placed in front of downstream slope of 

the embankment to provide an oblique view, while the other was set at the top of 

embankment crest to provide the top view of dam crest. 

 

 
Figure 5.1: Experimental setup (not to scale) 

 

5.3 Embankment Soil Properties  

Two types of lean clay (CL) cohesive soil were used in the construction of 

embankments. Lab tests were performed for the soil samples to know the properties 

before utilizing it for the construction of the embankment. The grain size distributions of 

the soils were obtained from sieve analysis and hydrometer analysis [IS: 2720 (Part 4) – 

1985 (Reaffirmed-2006)]. The grain size distribution of the soil used in phase 1 

embankment construction had 29% clay, 57% silt, and 14 % sand while in case of phase 

2 embankments, the particle size distribution was 26% clay, 48% silt and 26% sand. The 

average particle size (d50) of soil type 1 and soil type 2 was 0.018 mm and 0.019 mm 
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respectively. The gradation curves for both soils are shown in Figure 5.2 (a). Before the 

experiments the standard proctor test [IS: 2720 (Part 8) 1983] was performed for 

constant compaction effort on soils to obtain the maximum dry density and optimum 

moisture content (OMC). The images of the soil particles of different sizes after sieve 

analysis and soil samples for calculating moisture content in standard proctor test for 

finding out the dry density of soil is shown in Figure 5.3 (a) and (b), respectively.  These 

soil properties were necessary to estimate the amount of soil required for embankment 

construction to achieve the desired amount of compaction. More lab tests were 

performed on soil samples as per the Bureau of Indian standards to find out the plasticity 

index (Ip), specific gravity (Gs), cohesion and friction angle (Φ). The lab tests on 

unconfined compressive strength (qu) were performed for Phase 1 embankments. Photo 

of testing for unconfined compressive strength (qu) is shown in Figure 5.4 (a). The 

details of soil properties for phase 1 experiments are given in Table 5.1. 

 

 
Figure 5.2: (a) Phase 1 and Phase 2 soil gradation curve 

   

  
Figure 5.3: Images of (a) soil particles of different sizes after sieve analysis and (b) 

soil samples for calculating moisture content in standard proctor test 
 

0
10
20
30
40
50
60
70
80
90

100

0.001 0.010 0.100 1.000 10.000

P
er

ce
n

t 
fi

n
er

 b
y 

w
ei

gh
t

Particle size (mm)

Phase 1
soil

(a)



 

73 
 

 

Figure 5.4: Image of soil unconfined compressive strength (qu) 
 

Table 5.1: Soil properties 
 

 

 

 

 

 

 

 

 

 

 

 

5.4 Phase 1 Experimental Study 

5.4.1 Embankment Construction 

In all five experiments, the embankment height of 0.3 m and crest width 0.1 m were 

kept constant. In phase 1 experiments, the embankment length was 0.6 m with upstream 

slope of 2.5:1 (Horizontal: Vertical) and downstream slope of 2H : 1V were maintained 

The storage capacity of the reservoir at crest level was 0.9075 m3. A rectangular notch 

cut of 0.03 m deep and 0.1 m wide was created at the centre of embankment crest before 

the start of each experiment. The embankments were built in six horizontal layers of 

0.05 m each, compacted with manual soil temper of 0.3 m x 0.1 m (length x width). 

Before compaction, the required amount of water was mixed thoroughly with dry soil to 

Properties Phase 1 Phase 2 
Liquid limit (wl) 29% 27% 
Plastic limit (wp) 19% 18% 

Plasticity index (Ip) 10% 9% 
Type of soil CL CL 

MDD (ρdm) (kg/m3) 1778 1908 
OMC % (m0) 16.1% 13.5% 

Specific Gravity (Gs) 2.66 2.56 
Friction angle (Φ) (degree) 19 25.7 

Cohesion (kg/cm2) 0.36 0.48 
Particle size distribution (PSD)   

Clay 29 % 26% 
Silt 57% 48% 

Sand 14% 26% 
Mean Particle diameter (d50) 0.018 0.019 
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attain the moisture content and emphasis was given for maintaining constant drop height 

throughout the dam construction for achieving uniformity. Figure 5.5 shows few images 

of embankment construction for Phase 1. The raw soil (Figure 5.5a) is first crushed into 

fine as shown in Figure 5.5b. To prepare the soil for embankment construction the 

required amount of water is mixed thoroughly into the soil. This prepared soil is then 

placed into layers in flume as shown in Figures 5.5 (c) and (d). Each layer is of 0.05 m 

height is then compacted. While compaction the height of layer goes down by several 

centimeters and to maintain the layer height (i.e. 0.05 m), more soil is added after every 

5 blows of rammer. Figure 5.5 (d) shows a compacted layer. Before the start of adding 

soil for second layer, scratches are made on first layer so that the two layers act as a 

single layer (Figure 5.5 e). After achieving the predetermined height of the dam, it was 

trimmed to get the desired shape on the top width, upstream and downstream slope of 

the embankments as shown in Figure 5.5 (f).  Table 5.2 gives the detailed construction 

parameters of test embankments for Phase 1.  

 

Figure 5.5: Images of embankment construction for Phase 1 experiments 
 

(a) (b) 

(c) (d) 

(e) (f) 
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Table 5.2: Embankments construction parameters 
Exp. ρdry  

(kg/m3) 
m1  

(%) 
m2  

(%) 
τc  

(Pa) 
E      

(kg-
cm/cm3) 

ρdm 
/ρdry 

m0/m2  Rρm =(ρdm 
/ρdry)x(m0/m2) 

qu 
(KPa) 

P1.1 2166 16.1 16 3.15 5.0 0.82 1.00 0.826 - 
P1.2 1577 8.1 8 1.8 2.9 1.12 2.01 2.269 33.7 
P1.3 1591 12.2 12 1.95 2.9 1.11 1.34 1.499 67 
P1.4 1433 16.1 15.9 1.50 1.4 1.33 1.01 1.351 28 
P1.5 1799 16.1 15.9 2.47 2.9 0.98 1.01 1.001 89 

ρdry (Embankment dry density), m1 (Construction moisture content), m2 (Experimental moisture 
content), τc  (Critical erosion shear stress), E (Compaction effort), ρdry/ρdm (Relative 
compaction), m2/mo (Relative moisture content),  Rρm (Relative soil factor), qu (Unconfined 
compressive strength) 

 
5.4.2 Breach Evolution Stages Observed 

It is observed from the literature that the breach evolution patterns of non-cohesive test 

embankments are entirely different from the cohesive test embankments. Similarly, for 

cohesive embankments constructed with different parameters, the breach evolution is 

different. The process of breach evolution observed in Phase 1 experiments for 

overtopping failure of cohesive dams can be fortified into two time sequences. In First 

sequence of event, the downstream slope of embankment eroded due to overtopping 

flow and has no change in reservoir storage capacity. This means the reservoir water is 

not contributing to the breached outflow (breach initiation time). In second sequence of 

event, the reservoir water adds to the breached outflow from the breached portion of the 

embankment (breach formation time). The two time sequences can be explained in three 

breach stages. 

• Breach stage I: Initially when the flow starts overtopping the dam, it results in a sheet 

and rill erosion forming stepped or cascading over falls leading to headcut erosion. 

Headcut erosion continues until it reaches from downstream slope to the upstream 

crest. Duration from the beginning till the end of breach stage I is known as breach 

initiation time. Wahl (1988) defined the breach initiation time as the first flow over or 

through a dam that will initiate a warning, evacuation, or heightened awareness of the 

potential for dam failure.   

• Breach stage II:  During this stage, lowering of dam crest and erosion of upstream 

slope starts and continues until it reaches the dam height.   
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• Breach stage III: In this stage widening of the breach as well as erosion of upstream 

slope occurs. Time duration encompasses of breach stage II and III is known as breach 

formation time. At this time, the crest of embankment erodes vertically with the lateral 

movement of breach width. Headcut also continues to advance until the soil erosion 

becomes insignificant, maintaining equilibrium between tail water and reservoir water 

level. Wahl (1988) also defined the breach formation time as the lapse between the 

first breaching of the upstream face of the dam until the breach is fully formed. The 

failure of cohesive embankment P1.2, constructed with 50% reduction in moisture 

content for the same compaction effort behaves similarly to the non-cohesive 

embankments. The apparent cohesion caused by pore pressure led to near vertical 

breach walls during the experiment that lasted for a short period. 

 

Compaction effort applied for the construction of embankment 1 using a 10 kg 

rectangular rammer (0.3 m length x 0.1 m width) with a drop height of 0.3 m was 5.0 

kg-cm/cm3. The dry density achieved was 22% more than the standard proctor 

compaction maximum dry density of soil. The experiment termed as P1.1 was run for 

more than 24 hr at different inflow in to the reservoir and unable to fail it leading no 

breach formation. The maximum dry density of embankment in experiment 1 is 2166 

kg/m3, an increase of 21.8% from the standard proctor maximum dry density of soil. 

After completing the compaction work, the embankment was trimmed to remove the 

unwanted soil to get the desired downstream slope. It was found that the trimmed 

downstream slope of embankment was smooth, shinning, and hard leading to nearly 

frictionless surface. The overtopping water flows with less resistance making the 

downstream slope surface erosion free even if the inflow was continuously increased 

from 1.3 l/s to 5 l/s. The different inflows are provided and embankment was tested for a 

long duration of more than 24 hr in a hope to get some breach formation.  The 

embankment P1.2, P1.3, and P1.5 were constructed with the compaction of 2.9 kg-

cm/cm3 but with different compaction moisture content. While embankments P1.4 and 

P1.5 were built for the same optimum moisture content but at lower compaction effort 

of 1.4 kg-cm/cm3. The experiment P1.5 is assumed as an ideal case for the analysis and 

in this chapter all the results comparison is made in contrast to the outcomes of P1.5. 

The results of Phase 1 experiments are incorporated in Table 5.3 and Table 5.4. The 

temporal water surface profile for the failure of the embankments with 8.1% moisture 

content, 12.4% moisture content and optimum moisture content is shown in Figure 5.6. 
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A relatively similar erosion process was observed for the overtopped embankments with 

different compaction efforts, but the failure process was faster in the case of non-

compacted embankment. 

 

 

Figure 5.6: View of water surface profile and headcut location for experiments 
P1.2, P1.3 and P1.4 (scaled) 

 

5.4.3 Effect of Moisture Content on Breach Parameters 

Headcut Migration 

The headcut migration rate for all the experiments was obtained and analyzed from the 

recorded videos of embankment failures. Snapshot of headcut locations for experiment 2 

and 3 for different time lapses are shown in Figure 5.7. The cascading waterfalls lasted 
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longer for the embankments compacted with 3.9% less  moisture content from the OMC 

(P1.3)  compared to the embankment compacted with 8% less  moisture content from 

OMC (P1.2). At time t = 6 min,  cascaded water fall is observed in the P1.3 experiment, 

while in case of P1.2 experiment a single smoothed water fall is present as shown in 

Figure 5.7. The propagation rate of headcut for experiments P1.2, P1.3, and P1.5 is 1.8 

m/hr, 2.26 m/hr, and 0.22 m/hr respectively. It can be seen from the experiments that in 

the embankments constructed for the range of 3.9% to 8% less moisture content from 

the OMC, the headcut migration rate is approximately nearby but have different breach 

evolution pattern. For a decrease of 3.9% in compaction moisture content from the 

OMC, there was ten times increase in average headcut migration rate. Further reduction 

in moisture content by 8% shows little change in headcut migration rate. The 

propagation of headcut and its location with respect to time for P1.2, and P1.3, are 

shown in Figure 5.8 along with experiment P1.4. 

 

Breach width 

Cracks due to undercutting of breach channel side slope by water was observed in 

unsaturated embankments (P1.2 and P1.3), which leads to the overhang material (Figure 

5.9a) and when the holding capacity of overhang materials decreased it fail into the 

breached channel (mass erosion) leading to the partial blockage. Mostly, this blockage 

was at the downstream of the embankment and did not obstruct the flow as much. This 

mass erosion leads to the sudden increase in breach width. Pikert et al. (2011) reported a 

similar observation on non-cohesive embankments. In both the experiments P1.2 and 

P1.3 due to undercutting of breached side slope a large portion of overhang material was 

observed. This overhang material holds its strength in case of P1.2 and remains all most 

intact with releasing a small portion from overhang material creating an average breach 

width of 0.18 m. For experiment P1.3, the holding capacity of overhang material 

decreases causing complete failure into the breached channel creating an increase in 

average breach width up to 0.35 m. The reason for the increase in average breach width 

for P1.3 is due to saturation of top layer of downstream slope. It was observed that just 

before overtopping of the embankment there was slight increase in inflow to the 

reservoir due to extra opening of valve than the required or marked opening causes 

complete overtopping of embankment exceeding the limit of pilot channel. This error in 

opening was immediately rectified and the flow is again maintained at constant inflow 

of 0.9 l/s. Due to complete overtopping of embankment for few minutes the whole top 
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layer of downstream slope become wet and which help in decreasing the holding 

capacity of overhang material. This leads to failure of large portion of overhang material 

creating huge breach width.  The experiment P1.3 observed 4.3 times increased in 

average breach width as compared to experiment P1.5. The experiment P1.2 observed 

an increase of 2.25 fold in average breach width from the experiment P1.5. This seems a 

wonderful observation depicting that the evolution of breach width is quite different for 

the embankments that are failed under complete overtopping condition. It was also 

observed that in most of the experiments the embankments are made to fail in controlled 

overtopping condition by creating pilot channel at the crest and need more investigation 

on failure of embankments due to complete overtopping condition.  

 

Breach time 

In first breach scenario of embankment (breach initiation phase), the headcut migration 

rate for experiment P1.3 was slow as compared to the headcut migration rate in 

experiment P1.2. In second breach scenario (breach formation Phase), there was an 

increase in headcut migration rate as well as surface erosion for P1.3 experiment as 

compared to P1.2. The fast erosion in breach formation phase leads to the quick failure 

of the P1.3 embankment when compared with P1.2.  The variation in breach initiation 

time and breach formation time for experiments P1.2, P1.3, P1.4 and P1.5 is shown in 

Figure 5.10. The failure time for experiment P1.2 was increased by almost 10 times as 

compared to the experiment P1.5. Similarly, for experiment P1.3 the failure time was 

increased by 11.5 times in comparison to P1.5. The experiment P1.2, P1.3 and P1.5 

conclude that the compaction moisture content play an important role in rate of soil 

erosion and that can be seen in term of failure times of embankments.  

 

Breach height 

The breach height for the embankments constructed for 8.1% (P1.2) and 12.2% (P1.3) 

moisture content are nearly same as of 0.27 m while with further increase in moisture 

content upto OMC (i.e. P1.5)  the breach height reduced by 18.5 %. From this, it is 

analysed that after 25% decrease in moisture content from the OMC, there is no 

variation in breach height. Mainly, the variation in breach height was noticed in the 

embankments constructed for moisture content in the range of 75% to 100% of OMC.  
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Figure 5.7: Photograph showing comparison between experiment P1.2 (Left) and 
P1.3 (Right) at t= 6, 14, and 18 min 

 

 

Figure 5.8: Headcut location with respect to time for experiment P1.2, P1.3, and 
P1.4 
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Figure 5.9: Photograph showing comparison between experiment P1.2 (a) and P1.4 

(b) at t=37 min 

  
Figure 5.10: Phase 1 (a) breach initiation time; (b) breach formation time 

 

Table 5.3: Effect of compaction moisture content on breach parameters 
Exp. m1  

(%) 

E      

(kg-

cm/cm3) 

hb 

(m) 

Bavg  

(m) 

t1  

(min) 

t2  

(min) 

tf  

(min) 

 Qp  

(l/s) 

tp  

min 

dx/dt  

(m/s)10-3 

P1.1 16.1 5.0 Dam was tested for more than 24 hr at different inflows = Not failed 

P1.2 8.1 2.9 0.27 0.18 4 27 31 1.48 12 0.5 

P1.3 12.2 2.9 0.27 0.35 9 17 26 1.85 13 0.63 

P1.5 16.1 2.9 0.22 0.08 50 250 300 1.58 260 0.06 

hb (Breach height), Bavg (Average breach width), t1 (Breach initiation time), t2 (Breach formation 
time), tf (Breach time), Qp (Peak outflow), tp (Time to peak outflow), dx/dt (Headcut migration 
rate) 
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Table 5.4: Phase 1 result: effect of compaction energy on breach parameters 
Exp. m1  

(%) 

E  

(kg-

cm/cm3) 

hb 

(m) 

Bavg  

(m) 

t1  

(min) 

t2  

(min) 

tf  

(min) 

 Qp  

(l/s) 

tp 

min 

dx/dt 

(m/s) 10-3 

P1.1 16.1 5.0 Dam was tested for more than 24 hr at different inflows = Not failed 

P1.4 16.1 1.4 0.27 0.14 20 66 86 1.3 94 0.21 

P1.5 16.1 2.9 0.22 0.08 50 250 300 1.58 260 0.06 

 

5.4.4 Effect of Compaction Energy on Breach Parameters 

Experiment P1.4 and P1.5 are performed to understand the effect of compaction energy 

on breach parameters. Both the embankments are constructed with same moisture 

content (OMC) but with different compaction energy. It was observed that 50% 

reduction in compaction energy (P1.4) brings lot more changes in the failure pattern or 

breach evolution of embankments. The headcut migration rate for P1.4 is increased by 

3.5 times compared to P1.5.  The propagation of headcut and its location with respect to 

time for P1.4 is shown in Figure 5.8. A huge variation in breach width was also noticed 

in P1.4. The average breach width in experiment P1.4 increased by 75% compared to 

P1.5. The breach height for P1.4 is 0.27 m similar to the experiments P1.2 and P1.3, 

while for P1.5 it was 0.22 m. The failure time for embankment P1.4 is reduced by 3.4 

fold as compared to P1.5.   

In P1.4 experiment the compaction energy decreased by half and compaction 

moisture content increased upto OMC that brings down dry density of P1.4 

embankment by 15.4% as compared to P1.2. It was observed that headcut migation rate 

for P1.4 embankment was six times slower as compared to P1.2 despite the lower dry 

density. The domination effect of moisture content over compaction energy is clearly 

observed. The embankments constructed for half compaction effort but at OMC (wet 

soil) eroded slower than the embankments constructed for increased compaction effort 

with moisture content half of the OMC (unsaturated soil).  The reason for this is as in 

dried soil, water menisci form at grain contacts, and these are under negative capillary 

pressure. When capillary forces are over a unit area, we refer to "matric suction stress," 

which creates interparticle forces. This apparent cohesion disappears when the 

unsaturated soil is made saturated that leads to the fast dislodging of soil particles, i.e., 

increase in erosion rate. The embankment P1.2 soil was unsaturated, and there was 

apparent cohesion present due to the pore-water pressure. The snapshot for the P1.2 
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experiment (50% reduction in moisture content) and P1.4 experiment (50% reduction in 

compaction effort) at 37 min is shown in Figure 5.9. 

 

5.4.5 Breach Discharge and Inflow 

The breached discharge was computed from the reservoir water level using water-

volume balance equation (Morris et al. 2007) for which the inflow to the reservoir and 

the rate of change of reservoir volume was required [Eq. (5.1)].  

( ) = 	 ( ) − ∆ ( ) ∆⁄  [5.1] 

where, ( ) = breach discharge at time t;  ( ) = inflow to the reservoir;  ∆ ( ) = 

change in reservoir volume with respect to time and can be calculated as a 

multiplication of reservoir surface area and change in water depth of reservoir with 

respect to time;	∆  = time interval.  

 

The breached outflow for experiments P1.2 and P1.3 are plotted in Figure 5.11. The 

peak outflow for the experiment P1.2 was 1.48 l/s against the constant inflow of 0.74 l/s. 

The time at which peak outflow occurs in experiment P1.2 was at 12 min from the start 

of overtopping. The breached peak outflow in case of P1.3 was 1.85 l/s against the 

constant inflow of 0.9 l/s. The time to peak outflow was 13 min. For both the 

experiments, it can be seen that the peak outflow was almost 2 times compare to the 

provided inflow. A constant inflow of 1.4 l/s was provided in experiment P1.5. The peak 

outflow for P1.5 was 1.58 l/s and time to peak was 260 minutes from the start of 

experiment. The huge difference in the peak outflow as well as time to peak was 

observed when P1.5 was compared to P1.3. There was almost 20 times increase in time 

to peak outflow was observed for the embankment constructed with OMC as compared 

to the embankment constructed for 12.2% moisture content.  

The above analysis shows that the embankments constructed in between the range of 

75% to 50% of OMC had very slight difference in the peak outflow as well as time to 

peak outflow. The embankments constructed between the range of OMC to 75% of 

OMC, the peak outflow as well as time to peak outflow shows maximum changes. More 

investigation on the overtopping failure of embankments constructed for this range of 

compaction moisture content (OMC to 75% of OMC). For the saturated embankment 
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P1.5, compacted with compaction effort of 2.9 kg-cm/cm3, there was 12.8% increase in 

outflow peak noticed from the peak inflow. Similarly, for saturated embankment P1.4, 

compacted with 1.4 kg-cm/cm3, there was 44.4% increase in peak outflow value was 

observed. There were 2.6 times decrease in time to peak when the value of compaction 

effort was reduced to half.  From Figure 5.12 a, b, we can observe that there is a number 

of peaks present in the outflow hydrograph. Instead of smooth erosion in saturated 

cohesive embankments sometimes, soil erodes as block rather than single particle of soil 

leading to sudden increase in peak outflow. 

 

 
Figure 5.11: Breach discharge for experiments; P1.2 &P1.3; 

 

   

Figure 5.12: Breach discharge for experiments; (a) P1.4; (b)  P1.5 
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5.5 Experimental Study in Phase 2 

5.5.1 Embankment Construction 

In Phase 2, experiments, the embankment height of 0.3 m, crest width of 0.1 m, 

embankment length of 1.72 m, upstream slope of 3H : 1V and downstream slope of 

2.5H : 1V were fixed. The reservoir volume upto crest level was 0.9075 m3 3.4779 m3. 

A rectangular notch cut of 0.03 m deep and 0.1 m wide was created at the centre of 

embankment crest before the start of each experiment. The embankments were 

constructed similar to the phase 1  in  six horizontal layers of 0.05 m each, compacted 

with manual soil temper of 30 cm x 10 cm (length x width). Before compaction, the 

required amount of water was mixed thoroughly with dry soil to attain the moisture 

content and emphasis was given for maintaining constant drop height throughout the 

dam construction for achieving uniformity.  After the completion of the embankment, 

they left for air dried for few days to form cracks in the surface. The compaction effort 

applied while constructing the embankment P2.1 and P2.2 was 1.13 kg-cm/cm3 with the 

compaction moisture content of 10% and 14 % respectively. The embankments P2.1 and 

P2.2 were left to dry through the natural process for  240 hr to remove its water content 

for developing cracks, which were visible to naked eyes. During this duration, the 

embankments were made wet and dried several times. The water content of 

embankment P2.1 and P2.2 after air dried was reduced to half of the initial compacted 

moisture content.  The cracks developed in embankments P2.1 and P2.2 are shown in 

Figure 5.13. The construction parameters are shown in Table 5.5.  The soil samples 

were collected from the top surface and inner layers of the embankment for finding out 

the moisture content present at the time of the experiment. The water content of 

embankment P2.1, P2.2, and P2.3 at the time of experiment was found to be 5.2%, 

7.4%, and 9.8% respectively.    

The experiments were performed with a constant head of water, and for maintaining 

constant head, an inflow hydrograph was provided into the reservoir. The reservoir area 

capacity curve is shown in Figure 5.14. The breached outflow hydrograph was 

computed from the volumetric tank placed at the end of the flume.  The sole purpose of 

the experiments in phase 2 was to understand the outcomes of overtopping breach when 

there were cracks present in the embankment. Phase 2 experiments results are shown in 

Table 5.6. 
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Table 5.5: Construction parameters (Phase 2) 
Exp. ρdry 

(kg/m3) 
m1 

(%) 
m2 

(%) 
τc 

(Pa) 
E (kg-

cm/cm3) 
ρdm 
/ρdry 

m0/m2 Rρm =(ρdm 
/ρdry)x(m0/m2) 

P2.1 1732 10 5.2 2.16 2.16 1.10 3.09 3.411 
P2.2 1998 14 7.4 2.78 2.16 0.95 2.17 2.078 
P2.3 1770 10 9.8 2.42 2.16 1.07 1.64 1.771 

 

  

Figure 5.13: Crack formation in embankments (a) P2.1 and (b) P2.2 
 

 

Figure 5.14: Reservoir level area capacity curve 
 

5.5.2 Experiment P2.1 

For this test, the time taken for complete breach development was 15 min. Breach 

initiation time observed was 4.3 min and breach formation time was 10 min. The top 

and bottom breach widths formed were 0.76 m and 0.26 m respectively. The average 

breach width of the embankment was 0.51 m. In the present test, the top breach width 

was 2.5 times of dam height. The final breach height formed was 0.3 m equal to the 

modeled dam height. There was 15.75 % increase in the peak outflow from the peak 

inflow. The attenuation and lag time observed was 0.0037585 m3/s and 2 min 

respectively. Few image of embankment P2.1 failure are shown in Figure 5.15. The 
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comparison between the inflow hydrograph versus the outflow hydrograph is shown in 

Figure 5.16. 

 

  
Figure 5.15: Image of embankment P2.1 failure 

 

 
Figure 5.16: Inflow hydrograph versus the outflow hydrograph 

 

5.5.3 Experiment P2.2 

In this experiment, the embankment was overtopped by water depth of 0.02 m. The total 

time taken for complete breach was 16 min. The Breach initiation time was observed to 

be 2.5 min and breach formation time was 13 min. The embankment had failed from the 

corners, i.e., flume wall sides creating average breach width of 0.34 m at left and 0.12 m 

at right. The total breach width formed was 0.46 m which was 1.5 times the dam height. 

The breach height at the right and left side of the dam were 0.25 m and 0.22 m 

respectively. In this case, the final breach height is less than the dam height by 16.66%. 

The percentage increase of peak outflow from the peak inflow was 64.98%. The images 

of experiment P2.2 is shown in Figure 5.17. The comparison between inflow 

hydrograph against the outflow hydrograph is shown in Figure 5.18. As the moisture 

content during compaction was more than the OMC and the soil was compacted beyond 
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its shrinkage limit, that’s why the development of large cracks in the embankment was 

observed. The cracks formed were approximately 3 mm wide, 5 cm deep and the effect 

of these cracks on breach time, breach evolution, and peak outflow was observed.  

 

  

  
Figure 5.17: Image of embankment P2.2 failure 

 

 
Figure 5.18: Comparison between inflow hydrograph against the outflow 

hydrograph 
 

5.5.4 Experiment P2.3 
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few images of embankment P2.3 failure. The final breach depth was 0.27 m. The crest 

height of embankment after overtopping was reduced to 0.22 m, i.e., up to 0.8 m of crest 

height along the whole length of the embankment was eroded. The formation of final 

breach width can be explained and understood by dividing the breach process into three 

segments.  Segment 1: upstream slope; Segment 2: crest width; and Segment 3: 

downstream slope. Breach width formed in segment 1 at 0.1 m, 0.3 m, and 0.6 m from 

the upstream hill end were 0.48 m, 0.3 m, and 0.27 m respectively. At the center 

(segment 2), breach width was 0.35 m. The breach width in segment 3 at 0.1 m and 0.4 

m from the downstream toe end was 0.5 m and 0.4 m respectively. The breach shape 

geometry formed was considered as shown in Figure 5.20 (a) and (b). For analysis, the 

average of breach width as 0.4 cm was considered. The peak outflow was observed to be 

28.42% more than the peak inflow. The attenuation and lag time observed was 

0.0077815 m3/s and 6 min respectively. The comparison between the inflow hydrograph 

and the outflow hydrograph is shown in Figure 5.21. 

 

  

  

Figure 5.19: Image of embankment P2.3 failure 
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Figure 5.20: Embankment P2.3; (a) parabolic shape of breach; (b) scaled diagram 

of parabolic breach 
 

 
Figure 5.21: Comparison between inflow and outflow hydrograph for the 

experiment P2.3 
 

Table 5.6: Phase 2 experimental results 
Exp. No. hb 

(m) 

Bavg 

(m) 

t1 

(min) 

t2 

(min) 

tf 

(min) 

Qp 

(l/s) 

tp 

min 

Increase 

in Qp from 

Qi (%) 

(l/s) 

dx/dt 

(m/s) 

*10-3 

P2.1 Small cracks 0.3 0.76 4.3 10 14.3 27.6 9 15.75 1.17 

P2.2 Large cracks 0.25 0.46 5 8 13 17.5 8 64.98 1.28 

P2.3 0.27 0.4 10.5 24 34.5 35.1 30 28.42 0.48 
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5.5.5  Analysis 

Usually in case of cohesive embankment, the headcut migration increases with the 

decrease in dam dry density which is contradictory in case of experiment P2.2. In the 

experiment P2.2 the dry density was higher than P2.3 by 12.8%. However, due to the 

presence of large cracks resulting from higher moisture content from the OMC during 

compaction the rate of headcut migration was 2.6 times faster than the experiment P2.3 

which almost had no cracks in the embankment. Because of the presence of cracks in 

the embankment the rate of breach formation was faster leading to increase in the peak 

outflow from dam. The development of deep and long cracks in embankment P2.2 

provide a path to water, that was rushed through these cracks and saturate inner dry soil 

completely. The rate of formation of the breach had the highest influence on the outflow 

discharge hydrograph. The increase in peak outflow for P2.1, P2.2, and P2.3 was 

15.75%, 64.98%, and 28.42% from the peak inflows respectively. Crack formation plays 

a crucial role in the breach evolution time.  There was 9% decrease in breached time for 

embankment P2.2 (large cracks) from the embankment P2.1 (small cracks). An increase 

of 16% in breach initiation time and 20% decrease in breach formation time was noticed 

in embankment P2.2 from the embankment P2.1.  

The breach time for P2.2 is 15.5 min and that for P2.3 is 34.35 min, a factor of 2.2 

times. The reason for this behavior was moisture content and cracks developed on the 

embankment at the time of the experiment. Even though the two embankments that are 

constructed with same compaction and moisture content are subjected to experimentally 

tests at different times may lead to huge difference in breach time and its evolution. For 

a decrease of 47% water content in embankment P2.1 (air dried) from the embankment 

P2.3, there was a decrease in breach time by a factor of 2.4 times. We can observe that 

moisture content of soil while constructing the dam has a crucial role in the formation of 

final breach width. A dam built with 5.3% water content, the formation of final breach 

width was large and breach time was less as compared to the dam made with OMC. 

 

5.5.6 Relative Embankment Factor (Rρm) 

A new factor Relative embankment factor is introduced in this analysis, which is the 

multiplication of relative dry density and relative moisture content of the embankment. 

The relative dry density of embankment is the ratio between dry density of soil 

(standard proctor) to the dry density of embankment. The term relative moisture content 



 

92 
 

is the ratio of optimum moisture content to the moisture content of embankment at the 

time of overtopping. The present analysis is to see the effect of relative embankment 

factor on overtopping breach parameters such as breach height, average breach width, 

failure time and headcut migration. In this analysis, the results of both the phase 1 and 

phase 2 experiments are considered.  From Figure 5.22 (a,b,d) we can clearly see an 

increasing trend for breach height, average breach width, and headcut migration with the 

increase in Rρm. There was exponentially decreasing trend for failure time is observed 

with the increase in Rρm (Figure 5.22 c). Further, from present experimental data a 

nonlinear relationship between headcut migration rate and relative embankment factor is 

proposed based on regression analysis [Eq. (5.2)]. The headcut migration equation is 

valid only for the present set of data which needs further improvement. Moreover, the 

equation can be used for same cohesive soil as used in these experiments. The Figure 

5.23 shows the observed versus predicted headcut migration rate based on Eq. (5.2).  

 = 0.117 , × 10  [5.2] 

 

  
Figure 5.22: Variation of (a) breach height, (b) average breach width, (c) failure 

time, and (d) headcut migration with respect to relative embankment factor 
 

0.2

0.22

0.24

0.26

0.28

0.3

0.32

0.0 1.0 2.0 3.0 4.0 5.0

B
re

ac
h

 H
ei

gh
t 

(m
)

Rρm

0
0.1
0.2
0.3
0.4
0.5
0.6
0.7
0.8
0.9

0.0 1.0 2.0 3.0 4.0 5.0

B
av

g
(m

)

Rρm

0
50

100
150
200
250
300
350

0.0 1.0 2.0 3.0 4.0

F
ai

lu
re

 t
im

e 
(m

in
)

Rρm

0
0.2
0.4
0.6
0.8

1
1.2
1.4

0.0 1.0 2.0 3.0 4.0

d
x/

d
t 

   
x 

10
3 

(m
3 /

s)
 

Rρm



 

93 
 

 

Figure 5.23: Observed versus Predicted headcut migration rate (m/s) 

 
There is a deviation noticed in Figure 5.22 (c) due to the experiment P1.5. The dam is 

constructed with optimum moisture content (16.1%) and the dry density achieved is 

1799 kg/m3 that is close enough to the maximum dry density noticed in standard Proctor 

test, i.e. 1778 kg/m3. Further, at the time of the experiment, the moisture content present 

in the embankment is 15.9%. This brings the relative embankment factor equal to 1, and 

that leads to steep rise in failure time of the embankment. 

In the case of headcut migration rate, there are two points that deviate significantly 

from the regression line. The reason for this behavior is the presence of small (P2.1) and 

large cracks (P2.2) in the embankments that shows the deviated trends from the rest of 

the experiments. Further, at the time of the experiments P2.1 and P2.2, the moisture 

content present in the embankment is almost twice less than the construction moisture 

content of respective embankments.  The cracks in the embankment with low moisture 

content at the time of experiment causes a rapid increase in erosion at the downstream 

slope leading to an increase in headcut migration rate. 

 

5.6 Summary 

An attempt is made to observe the breach parameters for embankments built with 

cohesive soil resulting from overtopping failures. Dam failure conditions, final breach 

parameters, and flooding are not only dependent on reservoir storage, dam geometry but 

also reliant on the location and rate at which the breach forms. It has also been observed 

from the experiment that the rate of formation of breach and the final breach parameters 

are affected by the moisture content and compaction energy of the dam. The 
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to 1433 kg/m3 of dry density is found to be eroding slower with failure time of 94 min 

than the embankment constructed at 50% of OMC with compaction effort of 2.9 kg-

cm/cm3 giving rise to 1571 kg/m3 of dry density with failure time of 14.16 min. The 

breach time is more influenced by compaction energy rather than compaction moisture 

content, and the breach width is more dependent on compaction moisture content.  

For the first time the effect of embankment cracks on overtopping breach failure is 

studied. It is found that the embankments with large dry density erode faster as 

compared to the embankments with low dry density because of the development of deep 

and long cracks in the former. These cracks provide path to the water and start 

saturating the inner dry soil of embankment that reduces the apparent cohesion between 

soil particles, which in terms seen as quick failure due to overtopping. The research 

observations and conclusion made in this study provide an important basis in relating 

the breach parameters with compaction moisture content and compaction energy. A new 

factor is introduced in this paper and a nonlinear relationship between headcut migration 

rate and relative embankment factor is proposed. More studies are required to evaluate 

the relationship and dependence of breach parameters on compaction moisture content 

and compaction energy for the different geometry of dams, various types of soils and 

condition of dam at the time of failure before a final relationship between these 

parameters can be established and advocated. 
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 Chapter 6  

Experimental Study of Embankment Breach 
Based on Soil Properties  

 

Understanding of the phenomenon of embankment breach via overtopping is complex 

but essential for forecasting the flood inundation map and developing an emergency 

action plan. Case studies of embankment failures caused by overtopping indicate that 

apart from hydraulic forces, the influence of the soil properties also plays a crucial role 

in the formation of the breach. The influence of the soil properties on the breaching 

process was investigated by performing 14 experiments in the hydraulic engineering 

laboratory of National Institute of Technology, Rourkela. The data obtained from the 

overtopping failure of these embankments are analyzed and presented in this chapter. 

Further, a multivariable regression was performed using the test data of 25 

embankments to obtain the relationship between the breach parameters and the soil 

properties (control variables). New nondimensional control variables, such as 

embankment soil factors, relative compaction effort, relative particle size, and 

erodibility, were proposed for developing the relationships. An attempt is made here to 

understand the influence of these control variables on the dam breach that is not 

reported so far.  

 

6.1 Introduction  

Earthen embankments (levees and dams) are constructed to control flood and to provide 

water for drinking, irrigation and other basic needs; however, failures of earthen 

embankments bring flash floods resulting in catastrophic disasters to the downstream 

(d/s) areas. In the case of embankment failure, apart from the hydrodynamic forces, the 

embankment soil composition plays a vital role in deciding the breach initiation time, 

breach formation time, breach width, breach height and the peak outflow. These 

breaching factors have a significant effect on the hazard to life and property in the d/s of 

a dam. Walder O’Connor (1997) provided some insight into the rate of breach 

development based on 18 historical cases of earthen embankment dam failure. Hanson 

et al. 2008 explained that the breach development rate has a significant impact on the 

peak discharge from a dam failure. Breach initiation and breach formation times are 
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required to understand the breach development rate. Wahl (1998) defined the terms 

breach initiation time and breach formation time as primarily used by researchers. 

Breach initiation time, which can be used to initiate an early warning, is the duration 

from the start of overtopping flow over the dam eroding downstream slope (D/S) to the 

start of lowering of the crest of the dam connecting reservoir water to the breached 

outflow. Breach formation time is the duration starting from the lowering of the 

embankment crest and ending with the complete draw off the reservoir water. Zhang 

(2009) first time introduces dam erodibility as high, medium and low in his study for 

developing breach parameter empirical equations by using dam failure case study data.  

The present research incorporates additional soil parameters to the study, namely, 

soil cohesiveness (C), dam dry density (ρdry), compaction effort (E), and mean grain size 

diameter (d50). The present work (Phase 3) involved the construction of nine 

embankments of different soil compositions prepared by mixing sand (coarse particle) to 

the cohesive natural soil (CL type) at an incremental proportion of 10% by weight. The 

fine particle present in the nine embankments by weight were 86%, 76%, 66%, 56%, 

46%, 36%, 26%, 16%, and 6%, respectively. The cohesive natural soil used in this study 

holds 86% fine and 14% coarse particles. In addition to this, five more experiments in 

Phase 4 were performed on embankments made of 0%, 10%, 20% (repeated), and 30% 

fine particles on another flume that was approximately 3 m long, 0.30 m wide and 0.3 m 

high. The results of Phase 1, Phase 2, Phase 4, and Feliciano (2014), experiments were 

tabled in this chapter for developing the relationships. The study is focused on certain 

objectives: (1) to understand the overtopping breaching behavior of embankments when 

the soil properties are changed; (2) to consider more soil parameters that can influence 

the breaching phenomena; and (3) to develop the relationships among the breach 

parameters and the new control variables.  

 

6.2 Experimental Setup and Procedure (Phase 3) 

Nine small-scale embankments were constructed in a 12.0-m long, 0.6-m wide and 0.6-

m deep horizontal flume. The embankments were located at a distance of 6.25 m from 

the upstream end of the flume. The reservoir volume up to crest height was 0.945 m3. A 

recirculating water supply system was established through an underground sump via 

RCC overhead tank into the flume and back to the sump. The inflow to the reservoir was 

controlled through the valve. The regulating valve was calibrated first for obtaining the 
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desired inflow. A constant inflow of 1.3 l/s was provided in all the experiments except 

in experiment 1. Experiment 1 in present phase of experiment is the same experiment 

conducted in phase 1 (P1.1). For experiment 2, a constant inflow of 1.45 l/s was 

provided. A sharp-crested weir was installed at the upstream end of the flume to check 

the inflow to the reservoir. The layout of the experimental setup for nine experiments is 

shown in Figure 6.1. The embankment height was 0.3 m in all experiments with a crest 

width of 0.1 m, upstream slope of 2.5∶1 (Horizontal: Vertical) and downstream slope of 

2∶1 (Horizontal: Vertical). A 0.03-m deep and 0.1-m wide cut similar to rectangular 

notch was created at the center of the embankment crest before the beginning of each 

experiment.  

 

 

Figure 6.1: Experimental setup (not to scale) 
 

6.2.1 Soil Properties 

Mixtures of natural lean clay – CL cohesive soil and sand in different proportions were 

used for the construction of embankments. Laboratory tests were performed on these 

prepared soil mixtures to know their properties before utilizing them for the 

development of test embankments. The grain size distributions of the soil and sand were 

obtained from sieve analysis and hydrometer analysis [IS: 2720 (Part 4) – 1985 

(Reaffirmed-2006)]. The mean particle size (d50) of CL soil and sand was 0.018 mm and 

0.52 mm, respectively. The gradation curves for natural cohesive soil and sand are 

shown in Figure 6.2. Soil with an excess of the fine content was mixed with commercial 

sand in specified properties to obtain specific soil compositions for embankment 

construction. Before the experiments, the standard Proctor test [IS: 2720 (Part 8) 1983] 

was performed for constant compaction effort (6.12 kg-cm/cm3) on the different mixture 

of soil and sand to obtain the maximum dry density and optimum moisture content 
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(OMC). These soil properties were necessary to estimate the amount of soil required for 

embankment construction to achieve the desired amount of compaction. Additional 

laboratory tests were performed on soil samples as per Indian standards to determine the 

plasticity index (Ip), specific gravity (Gs), cohesion and friction angle (Φ). The details of 

the properties of the natural soil and the mixed soils are presented in Tables 6.1 and 6.2, 

respectively.  

 

 

Figure 6.2: Grain-size distribution of soil and sand 
 

Table 6.1: Physical properties of natural soil 
Properties Cohesive soil 

Liquid limit (wl) 29% 
Plastic limit (wp) 19% 

Plasticity index (Ip) 10% 
Type of soil CL 

Maximum dry density (ρdm) (kg/m3) 1778 
Optimum moisture content (m0) % 16.1% 

Specific gravity (Gs) 2.66 
Friction angle (Φ) (degree) 19 

Cohesion (kg/cm2) 0.36 
Particle size distribution (PSD)  

Clay 29% 
Silt 57% 

Sand 14% 
d50 0.018 

 

6.2.2 Embankment Construction   

The embankments were constructed in six layers. The height of each layer was 0.05 m, 

and each layer was compacted using a 5.8-kg rectangular soil tamper having dimensions 
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m. Before compacting, the estimated amount of soil mixture was mixed thoroughly with 

the known amount of water content. A soil sample from prepared soil was taken to find 

out its moisture content to know the variation of compacted moisture content from the 

optimum moisture content. The variation range was found within a ±5% for all the 

embankments. After attaining the specified embankment height, the unwanted soil was 

trimmed to get the desired shape and slopes. The wet density of the constructed 

embankment was estimated by using the total amount of wet soil used in construction 

was recorded and known volume of the embankment. The embankment construction 

parameters are shown in Table 6.3.  

 

Table 6.2: Summary of mixed soil properties (Phase 3) 

Exp. No. FP % CP % d
50

 ρdm (kg/m3) m0 % γ C (kg/m2) 
τc  

(Pa) 
1 86 14 0.018 1778 16.1 2.66 3600 3.14 
2 76 24 0.032 1885 12.8 2.62 3200 2.53 
3 66 34 0.052 1888 12.6 2.55 3300 2.532 
4 56 44 0.06 1935 11.84 2.44 3400 2.59 
5 46 54 0.1 1968 11.56 2.44 2600 2.64 
6 36 64 0.31 1996 11.57 2.53 1400 2.69 
7 26 74 0.4 2080 10.95 2.58 1200 2.82 
8 16 84 0.46 1883 10.52 2.59 400 2.46 
9 6 94 0.5 1858 8.85 2.61 100 2.36 

 

Table 6.3: Embankment construction parameters (Phase 3) 

Exp. No. 
ρdry 

(kg/m3) 
ρdb 

(kg/m3) 
mi (%) 

E 
(kg-

m/m3) 

Rρ % 
 

Rm % 

1 2166 2514 16 29000 1.21 0.993 
2 1799 2029 12.36 29000 0.954 0.895 
3 1885 2122 12.42 29000 0.998 0.985 
4 1930 2158 11.54 29000 0.997 0.974 
5 2086 2327 11.4 29000 0.988 0.986 
6 1985 2214 11.3 23000 0.994 0.991 
7 2050 2274 10.67 17400 0.985 0.974 
8 1863 2058 10.1 17400 0.989 0.960 
9 1814 1974 8.19 17400 0.976 0.925 
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6.3 Experiment Observations and Results (Phase 3) 

6.3.1 Non-cohesive Embankments   

In experiment 9, the prepared soil used in the construction of embankment was 94% 

sand and 6% fine particles; in experiment 8, it was 84% sand and 16% fine particles. 

With the increase in fine particles from 6% to 16%, there was drastic change in the 

breach time and evolution pattern, as shown in Figure 6.3 and Figure 6.4 (Top View). 

Geotechnical and environmental engineers use the mixtures of clay and sand for the 

design of hydraulic barriers. Adding clay to the sand helps in achieving low hydraulic 

conductivity. However, there is a stage at which sand particles dominate the engineering 

properties of the clay-sand mixture, through which water can quickly pass. In both 

experiments, the dominant behavior of sand particles over fine particles was observed. 

In experiment 9, the failure occurred rapidly, was uniform, and was dominated by 

surface erosion. In experiment 8, the failure was governed by uniform surface erosion as 

well as headcut erosion. With further increase in fine particles from 16% to 26% 

(experiment 7), the breach width remained constant and had nearly vertical breach walls 

throughout the experiment. It is inferred that the dominating effect of clay particles 

overcome the effect of sand particles, leading to the change in breach pattern and 

increase in breach time (Figure 6.5).  

 

Figure 6.3: Breach evolution with respect to time in experiment 9 (Top View) 
 

30 s 60 s 

107 s 120 s 
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Figure 6.4: Breach evolution with respect to time in experiment 8 (Top View) 
 

 

Figure 6.5: Breach evolution with respect to time in experiment 7 (Top View) 
 

6.3.2 Cohesive Embankments  

The overtopping breaches of cohesive embankments require proper investigation 

regarding their behaviors with the change in hydraulic conditions and soil properties. In 

the present study, the hydraulic conditions were kept constant, whereas the soil 

properties changed. All the experiments revealed that at the beginning of the 

experiments, the sheet flow erosion persisted and appeared to be independent of the soil 

properties. After this phase, small headcuts developed and migrated to form a single 

large headcut. This stage was dependent on the embankment soil properties. The single 

overfall head continues eroding at the downstream slope of the embankment, causing 

the breaching channel to become deeper and of higher flow until the nonerodible bottom 

surface was reached. The sidewalls of the breaching channel (breach width) remained 

30 s 150 s 

270 s 330 s 

30 min 180 min 
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nearly vertical throughout the experiment. The experiments revealed that soil particles 

were dislodged individually or in small clusters; this process is termed surface erosion. 

Sometimes, the embankment soil eroded as large pieces; this process is known as mass 

erosion. Snapshots of the top view of experiments 3 to 6 for the time instance of 420 

min are shown in Figure 6.6. It is clearly seen that the headcut locations are different for 

all the cases. The headcut migration rate increases with a decrease in the fine particle in 

a mixture of soil and sand. For all experiments, the headcut migration rate is the 

minimum for experiment 5 and maximum for experiment 9. With the increase in fine 

particles in the soil composition, the breach time increases up to a certain threshold limit 

and subsequently decreases. The decrease in breach time for soil with higher fine 

particles after a threshold limit is not substantial and still requires a sufficient period of 

time to breach. The results for nine experiments are compiled in Table 6.4. 

 

 

Figure 6.6: Snapshots of experiments 3 to 6 for the same time t = 420 min 
 

6.3.3 Breach Depth 

In the experiments, the breach depth was measured at a fixed position, i.e., at the center 

of the embankment crest. For measuring the breach depth, the reservoir water level, 

overtopping depth, and scale reading at the particular time were used. The calculated 

breach depth at a particular instance of time had an accuracy of ±0.1 cm. The accuracy 

range of readings can be calculated as follows: scale reading - [height of dam - 

Exp 3 Exp 4 

Exp 5 Exp 6 



 

103 
 

(reservoir water level - overtopping depth)]. The final breach depth was observed to 

vary between 22 cm to 26 cm in most of the experiments because the required water 

head for erosion was absent in small height embankments. In a later phase of breach 

formation, i.e., erosion of the upstream slope, with lowering of the embankment height, 

the required water head for erosion decreased, leading to the start of surface erosion and 

diminishing the headcut erosion. The variation of breach depth to time is shown in 

Figures 6.7 (a) & (b).  

 

  

Figure 6.7: Evolution of the breach depth 
 

6.3.4 Breach Width 

With an increase in fine particles from 6% to 16% in soil mixture, the average breach 

width decreased by 67.5%. The breach widening rate for experiment 8 was negligible in 

the initial phase of experiments, although a slight increase in breach width was noticed 

in a later phase. The final average breach width for experiment 8 was 12 cm. In 

experiment 9, a sudden expansion of the breach width was observed. Figure 6.8 show 

that the small increase in fine particles in the soil composition decreases the breach 

widening rate drastically. From experiment 2 to experiment 7, i.e., embankments having 

76% to 26% fine particle, the breach width was found to remain the same or slightly less 

as than the notch width provided at the top of embankments. It is inferred that the reason 

for the constant breach width for cohesive embankments was because of the absence of 

side undercut erosion of the breached walls, and headcut erosion as the primary cause of 

erosion. 
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Figure 6.8: Breach width evolution for experiment 8 and 9 
 

6.3.5 Breach Discharge 

The outflow discharge from a breached portion of the embankment was computed using 

the water-volume balance equation in a manner similar to Morris et al. 2007. The 

change in the reservoir volume concerning time and inflow was required to obtain the 

outflow hydrographs. The experimental study showed the strong influence of soil 

properties on the breached discharge hydrograph. With the increase in coarser particles 

(sand) in the composition of soil, fewer number of outflow peaks were observed. 

Experiments 2 and 3 exhibited a large number of outflow peaks, whereas experiment 9 

showed a single smooth curve in the outflow hydrograph. The outflow hydrographs for 

experiments 2 to 9 are shown in Figure 6.9.  

The peak discharge and time to peak discharge for experiment 3 and experiment 4 are in 

close proximity, as the presence of an excess amount of fine particles in soil still 

remains the dominant factor. In experiment 5, the embankment holds 46% fine particles, 

which fill up the voids between the remaining coarse particles (54% of the total) as a 

whole, making the media more compact; as a result, the time of occurrence of peak 

discharge of experiment 5 is substantially longer compared to that of the other 

experiments. With the further decrease in cohesive soil from 46% to 26%, (i.e., in 

experiment 7, there was an increase of 32% in the peak flow, (Qp), and a seven-fold 

decrease in the time to peak, (tp). 
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Figure 6.9: Breach discharge for the experiments 
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Table 6.4: Experimental results (Phase 3) 

Exp 
hb 

(m) 
Bavg 
(m) 

tf1  

(min) 
tf2  

(min) 
tf  

(min) 
Qp 

(l/s) 
tp 

(min) 
dx/dt 10-

3 (m/s) 
Erodibility 

1 Dam was tested for more than 24 hr at different inflows = Not failed 
2 0.22 0.08 50 250 300 1.58 260 0.200 LE 
3 0.22 0.08 240 360 600 1.35 480 0.042 LE 
4 0.23 0.08 360 480 840 1.34 490 0.028 LE 
5 0.24 0.08 380 400 780 1.37 550 0.026 LE 
6 0.25 0.09 290 310 600 1.39 420 0.034 ME 
7 0.28 0.1 40 200 240 1.80 77 0.250 HE 
8 0.29 0.12 2.17 6.33 8.5 5.20 6.25 4.615 HE 
9 0.29 0.37 1.17 3.83 5 10.23 2.25 8.571 HE 

 

6.4 Experimental Study (Phase 4) 

The experimental was setup in hydraulic lab of NIT Rourkela ensuring zero slope of bed 

channel providing constant inflow in the channel which was provided by motor in 

upstream of dam. The dimension of embankment is taken as constant throughout the all 

five experiment while varying only soil properties. Five more tests of overtopping were 

performed on embankments made of 0%, 10%, 20% (repeated), and 30% fine particles 

in a flume that was 3 m long, 0.3 m wide, and 0.3 m high. The embankment had the 

following characteristics: a height of 0.2 m, length of 0.3 m, crest width of 0.1 m and the 

slope of upstream is taken as 3:1 and slope of the downstream is taken as 2.5:1. The 

inflow of was provided by pump which given out constant flow of 0.37 l/s outflow. The 

different dimension of dam is shown in figure below describing length, breadth and 

height of dam. All parameter of dam is taken as constant and different view of dam is 

shown in figure below. The videography of the experiment was taken from two sides of 

the dam (a) over the top of the breach (b) from the downstream of dam. 

Soil and sand were mixed in such a way that the required percentage of fine and 

coarse particles was achieved. Initially the soil was exposed in sunlight to remove its 

moisture content to make it dry. Now dry soil was grinded to make it fine which is 

suitable for the construction of embankments. Sand was also sieved in 4.75 mm to 

remove the higher particles. The first embankment was constructed from coarser 

particles i.e. sand. The material used for second embankment was a mixer of 10% fine 

particles and 90% coarse particle. Similarly, the third and fourth embankments were 

constructed for the mixer of 20% fine-80% coarse and 30% fine-70% course 

respectively. 
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Figure 6.10: (a) Flume dimensions and (b) side view of embankment (not scaled) 
 

Both soils were mixed to form composition of soil for different experiment that 

results different percentage of sand in all five experiment. The sample of prepared soil 

mixers were collected for lab testing. Standard Procter compaction test was performed 

on each sample to know its optimum moisture content and maximum dry density. 

Specific gravity test and shear stress test were also performed on samples. The process 

of construction of embankments is same as of Phase 3. The model embankments were 

constructed in five layers of compaction with each of having 4 cm height making total 

height of embankment 20 cm. The layers compacted with a manual soil tamper having a 

mass of 5.3 kg, dropped from a height of 0.15 m. A sample of loose soil was taken from 

each layer prior to compaction to measure its moisture content, W, and to compare that with 

the optimum moisture content obtained from the standard proctor test. After constructing 

the dam model, the soil was taken from each model to test the soil properties in geotechnical 

laboratory. The properties of soil mixer and constructed embankment are incorporated in 

Table 6.5. 

 
Table 6.5: Soil composition and embankment properties for Phase 4 experiments 

Exp 

CP (%) FP (%) d
50

 γ C 

kg/m2 

 

(kg/m3) 

E 

kg-

m/m3 

Rρ % 

 

Rm % Qi 

l/s Sand 

(%) 

Silt 

(%) 

Clay 

(%) 

P4.1 100 0 0 0.53 2.62 0 1542 6600 0.946 0.985 0.37 

P4.2 90 7.3 2.7 0.48 2.61 200 1782 6600 0.959 0.977 0.37 

P4.3 80 14.6 5.4 0.42 2.59 600 1820 6600 0.966 0.971 0.37 

P4.4 70 21.9 8.1 0.34 2.58 1300 1970 6600 0.947 0.981 0.37 

P4.5 80 14.6 5.4 0.42 2.59 600 1798  6600 0.954 0.983 0.37 

30 cm 

(b) 

(a) 
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6.4.1 Experiment Results and Analysis 

The experimental results are compiled with other Phases of experiments in Table 6.6 

Breach parameters of embankments were determined by experimental investigation of 

recorded videography of dam models. It was found that for 100 % sand embankment 

completely collapsed within a few seconds of start of experiment. The failure was so 

quick leaving breach width equal to flume width. With the increase in fine particles in 

embankment the breach parameters tends to decrease. The snapshots of Experiment P4.1 

for different time are shown in Figure 6.11. The breach evolution of different 

experiment for time t = 70 s are shown in Figure 6.12. Headcut migration strongly 

depends on the soil properties and its location varies accordingly to content of soil 

particles. The headcut migration rate for experiment P4.1 (100% sand) and experiment 

P4.2 (90% sand) is very high as compared to experiment P4.3 (80% sand) and 

experiment P4.4 (70% sand) as shown in Figure 6.13.  The breach width variation for 

Phase 4 experiments are shown in Figure 6.14. 

 

  

  

Figure 6.11: Snapshot of experiment P4.1 
 

t = 45 s t = 40 s  Mass buldging 

t = 10 s t = 35 s Side 
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Figure 6.12: Snapshot of (a) P4.1; (b) P4.2; (c) P4.3; (d) P4.4 for the same time t = 
70 s 

 

 

 

Figure 6.13: Headcut location with respect to time for experiments P4.1, P4.2, P4.3, 
and P4.4  

(a) (b) 

(c)  (d) 
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Figure 6.14: Breach width with respect to time for experiments P4.1, P4.2, P4.3, 
and P4.4 

 

6.5 Nondimensional Empirical Equations 

The effect of the mean grain size diameter (d50) and the soil cohesion on the breach 

depth, the breach time, and the peak outflow are shown in Figures 6.15 and 6.16, 

respectively. An increase in breach depth was noticed with the increase in mean grain 

size diameter (Figure 6.15 a). The soil with a mean grain size diameter ranging from 

0.032 to 0.31 mm shows a slow and gradual increase in breach depth primarily caused 

by the headcut erosion. For the range of 0.31 to 0.5 mm mean grain size diameter, a 

rapid increase in breach depth was noticed. This observation was caused by the 

dominating effect of both headcut and surface erosion. Figure 6.15 (b) shows both 

increasing and decreasing trends for breach time with the increase in the percentage of a 

sand particle in a soil composition. For experiments 2, 3, and 4, the final breach time 

increases with the increase in d50, whereas for experiments 5, 6, 7, 8 and 9, the final 

breach time decreases. The experiments revealed that the final breach time was the same 

for the embankment 3 [d50 (0.052 mm)] and 6 [d50 (0.31 mm)], and changes in the 

breach initiation time and the breach formation time were noticed. In experiment 6, the 

breach initiation time is longer compared with that of experiment 3, but a shorter breach 

formation time was observed. In other words, both embankments behaved differently in 

the headcut erosion phase and in the surface erosion phase. Similarly, the behavior of 

soil cohesion (C) on breach parameters was analyzed, as presented in Figures 6.16 (a, b, 

& c). The increase in cohesion decreases the breach depth. A rapid increase in breach 

time [(t12) breach time when the reservoir water level is at 12 cm] was noticed with a 
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slight increase in cohesion (0.32 to 0.34 kg/cm2) of the embankments having more than 

50% fine particles in soil composition. The breach time (t12) for the embankments 

having less than 50% fine particles increases gradually with the increase in cohesion 

from 0.01 to 0.26 kg/cm2. 

 

 

 

Figure 6.15: Variation of breach parameters with respect to mean grain size 
diameter (d50) 

 

For developing empirical relationships, the data sets of 25 experiments (19 experimental 

data based on soil properties including Feliciano (2014) experiments, and 6 

experimental data based on construction parameters) are included in the multivariable 

regression. Tables 6.6 and 6.7 present the construction parameters and the experimental 

results of the results of Phase 2, Feliciano (2014), Phase 3, and Phase 4 experiments 

respectively.  The purpose of this analysis is to relate the five breaching parameters 

studied with the soil properties (control variables) of the different embankment. Dam 

dry density (ρdry), dam height (hd), and soil cohesion (C) are lumped into a single 

parameter known as the embankment soil factor (fs). The other four control variables are 

relative particle size (Dr), Reservoir volume reference (Vr), relative compaction effort 

(Er), and erodibility. The erodibility factor is defined as low, medium, or high on the 
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basis of the mean particle size (d50) of the soil mixture used in the embankment and are 

presented in the form of dummy variables. These breach parameters and control 

variables are stated in dimensionless form, as shown in Table 6.8. 

 

  

 

Figure 6.16: Variation of breach parameters with respect to cohesion of soil 
 

6.5.1 Multivariable Regression 

Multivariable regression is a linear transformation of the control variables, such that the 

sum of squared deviations of the observed and predicted Y is minimized. In 

multivariable linear regression, the value of the dependent variable depends on several 

independent variables instead of one. The analysis of the nondimensional form of 

additive (linear) and multiplicative (nonlinear) are used to establish the empirical 

relationships given by Eq. (6.1) and Eq. (6.2)  

 

The additive (linear) multivariate regression equation is written as 

 = + + + + + ( + + ) [6.1] 

 

0.2

0.22

0.24

0.26

0.28

0.3

0 0.2 0.4

h
b

(m
)

Cohession (kg/cm2)

0

100

200

300

400

500

600

700

800

0 0.1 0.2 0.3 0.4

T
12

(m
in

)

Cohession (kg/cm2)

FP > 50%

FP<50%

0

2

4

6

8

10

12

0 0.1 0.2 0.3 0.4

Q
p

(l
/s

)

Cohession (kg/cm2)



 

113 
 

 

The multiplicative (nonlinear) multivariate regression equation is expressed as 

 = ( ) [6.2] 

 

Where Yi (i=1, 2…4) are the four breaching parameters (dependent variable), and bi 

(i=1, 2, 3, l, m, and h) are regression coefficients.  

 

Equation (6.2) can be rearranged into additive form by taking the logarithm to both sides 

of the equation as 

 = + + + ++ ( + + )  

[6.3] 
 

The process of establishing the empirical formula for dam breach parameters includes 

the multivariate regression analysis (additive and multiplicative) for all four breach 

parameters by considering different combinations of the control variables. In regression 

for rejecting the null hypothesis, the p value must be	≤ 0.05. The model with a higher 

value of regression coefficient R2 and ≤ 0.05 is preferred. The selected model is used 

to establish the empirical formula for the breach parameters. The equations developed 

here have limitation that the equations are valid for flume experiments and require more 

investigation to relate them with the field embankments. 
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Table 6.6: Embankment soil properties and construction parameters 

 

 

 

Experiment Exp. 
No. 

FP 
% 

CP 
% 

d
50

 γ C 
kg/m2 

hd 
(m) 

L 
(m) 

V 
(m3) 

T 
m 

U/S  D/S  

(kg/m3) 

E 
kg-

m/m3 

Rρ % 
 

Rm % Qi 

l/s 

Phase 1 
2 86 14 0.018 2.66 3100 

0.3 0.6 0.9075 1.45 2.5:1 2:1 
1577 29000 0.886 0.496 0.9 

3 86 14 0.018 2.66 3100 1591 29000 0.894 0.745 0.9 
4 86 14 0.018 2.66 3100 1333 14000 0.749 0.990 0.9 

Phase 2 
1 74 24 0.017 2.52 3200 

0.3 1.72 2.957 1.6 3:1 2:1 
1732 21600 0.907 0.740 3.2 

2 74 24 0.017 2.52 3200 1998 21600 1.047 1.037 3.2 
3 74 24 0.017 2.52 3200 1770 21600 0.927 0.740 8.34 

Phase 4 

1 30 70 0.34 2.58 1300 

0.2 0.3 0.09 1.2 3:1 2.5:1 

1970 6600 0.947 0.981 0.37 
2 20 80 0.42 2.59 600 1820 6600 0.966 0.971 0.37 
3 10 90 0.48 2.61 200 1782 6600 0.959 0.977 0.37 
4 0 100 0.53 2.62 0 1542 6600 0.946 0.985 0.37 

Feliciano 
(2014) 

2 0 100 0.628 2.65 0 

0.25 0.5 1.39 1.6 3:1 3:1 

1487 17400 0.986 0.951 5.4 
3 45 55 0.336 2.65 2069 1840 17400 0.977 0.963 5.4 
4 45 55 0.336 2.65 2411 1841 17400 0.977 0.951 5.4 
5 50 50 0.228 2.647 1606 1784 17400 0.910 0.983 5.4 
6 50 50 0.229 2.644 2834 1902 17400 0.955 0.953 5.4 
7 55 45 0.19 2.641 3415 1861 23000 0.9337 1.025 5.4 
8 57 43 0.159 2.638 5695 1897 23000 0.974 0.972 5.4 
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 Table 6.7: Experimental results 

 
 

Table 6.8: Non-dimensional regression variables 

Breach Parameters Control variables 

Peak outflow                 =	 ⁄  Embankment soil factor     = ( × ℎ )/ ) 
Failure time                   =			 /  

Relative particle size          = ( 0.075⁄ ) ×( )⁄  

Headcut migration         =( ⁄ ) × ℎ⁄  
Reservoir volume                 =	 ⁄ ℎ⁄  

Breach height                =			 ℎ ℎ⁄  Relative compaction effort   = ( ⁄ ) 
Average breach width   = 			 ⁄  Dam erodibility    

 LE 1 0 0 
 ME 0 1 0 
 HE 0 0 1 

tr (reference time = 1 hr), Ed (compaction energy used for the construction of dam in kg-cm/cm3), Es 
(compaction energy used for standard proctor test = 6.12 kg-cm/cm3 ), LE (low erodible), ME (medium 
erodible), HE (high erodible). Note: Dam erodibility is based on the mean particle size (d50) and is used 
only in additive regression analysis. 
 

Experiment Exp. 
No. 

Qp 
(l/s) 

tp 
(min) 

dx/dt 
10-3 

(m/s) 

hb 
(m) 

Bavg 
(m) 

tf  

(min) 
Erodibility 

Phase 1 
2 2.1 14.16 0.4301 0.27 0.18 31 HE 
3 1.8 19 0.5128 0.27 0.35 26 HE 
4 1.3 94.66 0.1550 0.27 0.14 86 LE 

Phase 2 
1 15.4 9 1.1655 0.3 0.76 14.3 HE 
2 16.5 8 1.2821 0.25 0.46 13 HE 
3 35.1 30 0.4819 0.27 0.4 34.58 ME 

Phase 4 

1 0.41 16 1.6667 0.17 0.08 20 HE 
2 1.6 1.63 11.9048 0.17 0.18 2.61 HE 
3 1.9 1.03 12.5 0.18 0.24 1.5 HE 
4 2.3 0.46 22.727 0.18 0.3 0.86 HE 

Feliciano 
(2014) 

2 13.41 1.91 - - 0.5 - HE 
3 7.32 16.25 - - - - HE 
4 6.91 15.87 1.51 - 0.5 13 HE 
5 9.06 7.94 2.85 - 0.5 9.16 HE 
6 6.86 15.5 1.38 - 0.249 15 HE 
7 6.21 16.96 0.662 - 0.249 22 HE 
8 5.94 48.05 0.377 - 0.194 49 ME 
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6.5.2 Peak Outflow Equation 

In multivariable regression, the peak discharge was nondimensionalized by dividing it 

by peak inflow.  Multivariable linear and nonlinear regression was conducted using 

control variables, and then the best model was selected. Embankment soil factor, 

reservoir volume reference, relative particle size and relative compaction effort were 

used as the control variables for developing nondimensional nonlinear Eq. (6.4). The 

comparison plot [Figure 6.17] of measured versus predicted peak discharge for Eq. (6.4) 

shows satisfactory results.  

 ⁄ = 0.3595 . . . .
 [6.4] 

 

 

Figure 6.17: Comparison between the observed versus the predicted peak 
discharge 

 

6.5.3 Failure Time Equation 

The failure time was normalized to nondimensional form by dividing it with time 

reference equal to 1 hr ( ). One more controlled variable of "erodibility" was included 

in the regression analysis as a dummy variable, as shown in Table 6.4. The plot of the 

measured versus predicted breach time [Eq. (6.5)] is shown in Figures 6.18 (a) & (b).  

 	 / = 6.42 .. .  [6.5] 

 

where, 

 = + ,    { = -2.42 (High erodibility),  = 0.625 (Low erodibility)} 
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Figure 6.18: Comparison between the observed versus the predicted failure time 
 

6.5.4 Headcut Migration Rate Equation 

A similar approach of multivariate analysis was used for developing the rate at which 

headcut migrate in embankment due to overtopping failure. The headcut migration rate 

is nondimentionalized using the relation	 × ℎ . The expression after the analysis is 

expressed in Eq. (6.6). The comparison plot of measured versus predicted headcut 

migration rate for Eq. (6.6) is shown in Figure 6.19.  

 ( / )/ × ℎ = 0.34 . . .  [6.6] 

 

                       

 

Figure 6.19: Comparison between the observed versus the predicted headcut 

migration rate 
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6.5.5 Breach Depth Equation 

For the development of the nondimensional Eq. (6.7) for breach height, the breach 

height was first normalized by dividing it by the dam height. This relationship is 

developed by using the Phase 1 and Phase 2 experimental data only. The comparison 

between measured and predicted breach height is shown in Figure 6.20.  

 ( / )/ × ℎ = 0.34 . . .  [6.7] 

   

                    

 

Figure 6.20: Comparison between the observed versus the predicted breach height 
 

6.5.6 Average Breach Width Equation 

The multivariable nondimensional linear model was selected for developing the 

relationship among the average breach width and the control variables according to the 

highest correlation coefficient (R2) value. Eq. (6.8) represents the linear form of the 

average breach width, where constant C2 is the value for highly erodible and low 

erodible embankments. The observed versus predicted average breach width is plotted 

as shown in Figure 6.21. 

 

           ℎ⁄ = −0.624 − 0.172 + 0.56 − 1.68 +                      [6.8] 

 

where, 

  = + ;    { = 0.64 (High erodibility),  = 0.052 (Low erodibility)} 
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Figure 6.21: Comparison between the observed versus the predicted average 
breach width 

 

6.5.7 Field Applicability of Developed Equations 

The applicability and accuracy of the presently developed breach parameters equations 

are evaluated for the Mandira dam constructed across the river Brahmani near Rourkela, 

Odisha. The soil sample is collected from the nearest area of the Mandira dam and 

assumed to be the soil used for its construction.  The soil is tested in geotechnical 

engineering lab of NIT Rourkela, for finding out the maximum dry density (1952 

kg/m3), grain size distribution, mean particle size (d50 = 0.075 mm), soil cohesion (3300 

kg/m2), and specific gravity (2.52). 

The breach parameter values for Mandira dam calculated using present equations 

(developed based on soil properties and construction parameters) are compared with the 

values obtained from the breach equations developed using past dam-failure data in 

chapter 4 and Froehlich (2008) equations. Table 6.9 shows the comparative study for 

breach parameter values. Due to the unavailability of the data for relative compaction 

energy (Er), an assumption such as Er = 1 is made while calculating Mandira dam 

breach parameters using the present equations.  

The average breach width calculated using the equation based on geotechnical 

parameters (present equations) for high erodibility is 317 m, that is close to the value 

313 m obtained from the average breach width equation based on past dam-failures data 

(chapter 4). In case of Froehlich (2008), the average breach width calculated is 238 m.  

Similarly, the failure time and breach depth for Mandira dam is calculated for present 

work and compared with the values obtained from the past dam-failure based equations 

and Froehlich (2008) equations. It is found that the present equations developed based 
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on geotechnical parameters are quite relevant and provide good results that can be 

applicable in the field for calculating the breach parameters of the dam.  

 

Table 6.9: Calculated Mandira dam breach parameter values  

Breach 
Parameter 

Erodibility 
Eq. developed using 

geotechnical 
parameters (Present) 

Eq. developed 
using past dam-

failure cases 

Froehlich 
(2008) 

Avg. 
Breach 

Width (m) 

HE 317 313 
238 

ME/LE 296 188 

Failure 
Time (hr) 

HE 2 2.97 
2.85 

ME/LE 4.13 5.41 
Breach 

Depth (m) 
HE 

32 
35.37 

- 
ME/LE 33.5 

 

Further, there is no data found in the literature for the past dam failure cases that 

contain embankment soil properties and construction parameters. The geotechnical data 

of the failed dams needs to be discovered by the researchers so that the experimental 

data can be related to the failure cases. Therefore, the applicability and accuracy of the 

presently developed breach equations based on soil properties and construction 

parameters are difficult to evaluate for the past dam-failure cases. 

 

6.6 Summary 

An attempt was made to observe the effect of soil composition on subsequent failures or 

breaching of embankments caused by overtopping. In the present study, the behavior of 

13 embankments with different soil compositions and properties were tested. The sand 

was mixed with cohesive natural soil to obtain the desired form of embankment soil.  

The experiment revealed that the rate of formation of the breach and the final breach 

parameters are affected by the embankment soil properties. The experimental results 

indicated that soil mean grain size diameter is an essential factor in determining the 

breach initiation time and the breach formation time and is more so in determining the 

breach width, the peak outflow, and the outflow hydrograph. With the increase in fine 

particles in the soil composition, the breach time increases up to a certain threshold limit 

and subsequently decreases. The decrease in breach time for soil with higher fine 

particles after a threshold limit is not substantial and still requires a sufficient period to 

breach. The research observations and conclusion made in this study provide an 

essential basis for relating the breach parameters with the soil properties for the future 
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investigation of the physical models. More studies are required to evaluate the 

relationship and dependence of the breach parameters on the soil parameters at different 

hydrodynamic conditions. 

The empirical relationship developed for breach parameters in this chapter helps in 

understanding the effect of soil properties. The soil cohesion (C), dam dry density (ρdry) 

and dam height (hd) are lumped into a single dimensionless factor termed the 

embankment soil factor. The new dimensionless control variables, such as embankment 

soil factor, relative compaction effort and mean grain size diameter, were tested for 

developing the relationships. The suitability of using these relationships for other 

laboratory experiments and field embankments must be verified first by conducting 

more experiments in larger scale. 
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 Chapter 7  

Effect of Failures of Dams on Brahmani 
River 
 

The breach equations developed in the present study is use to predict the propagation of 

flood generated by overtopping breach failure for four earthen dams in the Brahmani 

River basin. These dams are located in the upstream of Rengali dam. Regions at the 

downstream (d/s) of Rengali dam is always on a high alert when the floodwater through 

gates is released from the dam. Districts like Angul, Dhenkanal, Kendrapara and others, 

situated at the downstream are affected by floods in the Brahmani River. The dams that 

are included in this study are Mandira, Kansbhal, Pitamahal, and Rukura. Location of 

these dams is such that release of water from these dams is directly affecting the flow at 

Brahmani River, leading Rengali dam. Failure of these dams show sudden rise in flow 

and water level at Brahmani River, which gives rise to dangerous situation at the 

downstream coastal areas. Initially the failure of each of these four upstream (u/s) dams 

are studied individually and then impact of combined dam failure is analyzed. Further, 

the Rengali dam gate operation and its impact on d/s areas are investigated. The 

required data for the analysis of Mandira, Kansbhal, Pitamahal, and Rukura dam failure 

is extracted from the DEM and available data on google. Flood inundation maps are 

prepared and presented in this chapter that helps in making the emergency action plan 

for various dam break scenarios.  

 

7.1 Introduction  

Two factors are primarily responsible for occurrence of flood: (a) increased runoff from 

the catchment and (b) reduction in the carrying capacity of channels. Other factors that 

contribute to flood are the topography, size and shape of the basin, number of tributaries 

joining the mainstream, condition of the ground, season, disasters such as dam failure 

and others. Of all the factors, precipitation frequency and intensity are the utmost 

importance in determining the magnitude and extent of flood damage. The rivers that 

cause frequent flood in Odisha are the Mahanadi, the Brahmani and the Baitarani. The 

deltaic area is about 6.02% of the catchment area of above rivers that are integrated 

together. Total annual precipitation in the delta of Mahanadi, Brahmani and Baitarani 
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are 5.7, 7.7 and 2.2% respectively of the total volume of water received in the drainage 

basins. During monsoons, these percentages are 4.9, 8.4 and 1.9% for an average rainy 

season. Thus 94.3, 92.3 and 97.8% of the annual total and 95.1, 91.6 and 97.1% of the 

monsoon total is drained through the Mahanadi, Brahmani and Baitarni deltas ( vide 

Geography of Orissa’ by B.N.Sinha). It is seen from above that an enormous quantum 

of water is drained over the deltas during monsoon that cause frequent flood. Historian 

William Hunter stated that ‘Flood is the scourge of the Odisha Province. Some of the 

worst devastating floods and damages have happened in Year 1886, 1896, 1926, 1937, 

1995, 1980, 1982 and 2001.  

Due to intense rainfall in the upper catchment, the Rengali reservoir attained FRL 

123.50 m on 23rd July, 2001 leading to opening of five gates to release flood water. The 

outflow of 10328 m3/s from Rengali reservoir had adverse effect on the deltaic area of 

Jajpur and Kendrapara. Due to interconnection of Brahmani with Birupa, a minor arm of 

Mahanadi, the flood situation became grave and inundated the head quarter town of 

Kendrapara. There were several breaches in embankments in Jajpur, Kendrapara and 

Bhadrak. Almost during the same period i.e. from 4th to 6th July, 2001 and 11th to 13th 

July, 2001, the river Baitarani also remained in spate. On 13th July, 2001, gauge at 

Akhupada was at 18.86 m against danger level of 17.83 m i.e. river flowing 1 m higher. 

The Angul district, Dhenkanal, Kendrapara and many more districts situated in the 

downstream area are affected by floods in the Brahmani River. Release of water from  

Mandira, Kansbhal, Pitamahal, and Rukura dam directly impacts the flow in Brahmani 

River and that of the Rengali reservoir operation. Failure of these dams show sudden 

rise in flow and water level at Brahmani River which give rise to dangerous situation at 

coastal areas at the downstream region of Rengali dam. 

Dams provide benefits to the society in terms of fulfilling their basic needs such 

as the drinking, irrigation, electricity and flood protection and others. Advent of 

knowledge on engineering construction and technology has helped the engineers to 

construct dams with suitable design and factor of safety, but the nature is more 

powerful. Document no. 13 of  U.S. Army Corps of Engineers (USACE) Hydrologic 

Engineering Centre (HEC) has listed the causes of dam failure such as landslide, piping, 

earthquake, extreme storm, structure damage, equipment malfunction, foundation failure 

and others. The climate is consistently changing that has introduced vulnerability in 

flow within life expectancy of dams. Many dams that were previously considered safe 

are now facing maximum flow uncertainty that causes overtopping during high flood 
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events that leads to safety concerns. Dam failure results in economic damage and loss of 

life that totally depends on the magnitude of velocity of water, water depth, warning 

time and population presence at the time of the event. In flood prone areas, early 

warning is essential for saving lives. People believe that due to construction of dams, the 

floods are totally controlled and that can be seen in terms of an increase in urbanization 

and industrialization in the floodplains areas. Thus, if the structure fails, the harm 

caused by flooding may be substantially more than it would have been without the 

presence of it. Having the historical failures of structures in the priority list explained in 

Chapter 2, one might suggest the question “What can be done in order to reduce the risk 

posed from a dam failure event?” As no program for counteracting failure can ever be 

sure to relieve hazard related with dam break, a pre-investigation is usually carried out. 

Dam break analysis consist of three distinct parts: (i) estimation of the breached flood 

hydrograph, (ii) routing of the breached flood hydrograph to the downstream valley and 

(iii) preparation of inundation maps and estimation of damage caused at downstream 

structures. For the analysis of dam break, many hydraulic software’s have been 

developed such as the DAMBRK, HEC-RAS (US Army Corp of Engineers Flood 

Hydrograph Package), and MIKE Hydro and others. In most of the cases, the dam break 

analysis is done by using HEC-RAS. In India, more than 90% of the dam failure studies 

are carried out by using this software and that lacks the exploration of usability of other 

software’s.  

In this chapter the mathematical models of MIKE Hydro and MIKE 11, developed 

by Danish Hydraulic Institute (DHI) is used and applied together to rout the flood at the 

downstream of the breaching dam to know the water levels and discharges. This 

breached flood intently extends to the floodplains if the downstream topography allows. 

To study the flooding in flood plains a 2-D description of area is required. At the 

downstream reaches of the dam, the inundated area can be described by the size of 

flood-cell (a one-dimensional modelling system) as most of the flood generated due to 

dam failure follows the river path. It is observed that the 1-D dam break model may be 

applicable solely if only the far downstream assessment is required or if the downstream 

valley does not allow the extensive flooding. But if both the near as well as far regions 

from the river banks are of interest then the combination of 2-D modelling in the near 

field and 1-D modelling in far field may be required which provide the realistic 

description of dam break flooding. The MIKE Hydro platform brings ease to GIS based 

scenarios to extract the exact terrain such as River course and River cross sections. The 
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boundary conditions as well as initial conditions can also be provided in MIKE Hydro. 

These files are then exported to MIKE 11 model where the dam break model is setup. A 

detailed description about MIKE 11 dam break module is given in Appendix 7.1.  

Earthen dams are built only where the terrain supports the most. In some 

catchments, it can be seen that along with few large dams, many small dams are present. 

Regardless of the size, many of the dams are close to the developed inhabitant. It is not 

uncommon to find that a small dam of 6 m height pose threat to the downstream valley 

and is rated as high hazard structure. In present research the four dams situated in same 

catchment in a close proximity are studied which can directly affect the flow of main 

River Brahmani.  

 

7.2 Model Setup and Data Required 

7.2.1 Study Area 

Brahmani is a major seasonal river in the Odisha state of the Eastern India which is 

moved from the confluence of rivers Koel and Sankh at the major industrial town, 

Rourkela at 22° 15' N and 84° 47' E. Brahmani is the second longest river in Odisha 

after the Mahanadi with length of 480 km. It drains 39,033 km2 of catchment area in the 

state of Odisha. The Brahmani River crosses the Tamra and Jharbera forests and then 

passes the town of Bonaigarh in Sundargarh district entering into the Rengali reservoir 

(second largest reservoir in Odisha). It then flows through the towns of Talcher and 

Dhenkanal before splitting up into two streams at its delta. Baitarani and Mahanadi 

continues together to form a large delta and then it drains to the Bay of Bengal at 

Dhamra. In the tributaries of Brahmani, a number of small and large dams have been 

built. In the skirt of Rourkela itself there are three dams Mandira, Kansbahal, and 

Pitamahal, whose failure adds water to the flow in Brahmani River that directly affect 

the inflow to the Rengali reservoir located downstream. There is another dam Rukura on 

a tributary of Brahmani situated in the upstream of Rengali dam that also pose threats, if 

fails. The Google map of study area is shown in Figure 7.1.   

In the present research, the four dams situated in Brahmani River are made to fail 

to see the effect of flash flood generated from breached dam on Rengali reservoir. Flow 

chart of typical dam break model setup for present research work is shown in Figure 7.2. 

The connection point between Mandira dam and Sankh River is denoted by L1. Release 



 

126 
 

of water from Kansbhal and Pitamahal dam enters the Sankh River at L4 and L5 

locations respectively. Brahmani River is formed at the confluence point of the Rivers 

Koel and Sankh and is denoted by L2. The meeting point between Rukura Nala and 

Brahmani River is denoted by location L6. Water from Brahmani River enters into the 

Rengali Reservoir at point L7. The location L3 is the endpoint of Brahmani River 

entering into the Bay of Bengal. River slope from Koel to 83 km d/s is 1:798, from 83 

km to 182.4 km is 1:362, from 182.4 km to Rengali dam site is 1:937, and from Rengali 

dam site to Bay of Bengal is 1:7397. 

 

 

Figure 7.1: Map of study area (source: google) 
 

Mandira dam 

 Hirakud Project Authority constructed Mandira dam during 1957 – 1959 across river 

Sankh, a tributary of the Brahmani River at Lat. 22 ° 16′ N and Long. 84° 40′ E. The 

earth dam is a zoned embankment of 426.72 m length with gate-controlled spillway on 

right saddle. Maximum height of earth dam is 35.38 m from the deepest foundation 

level. The dam is exclusively meant for the purpose of storing water for supply to the 

Rourkela Steel Plant (RSP) located about 24 km downstream in river course. A weir is 

constructed across the river Brahmani near Rourkela and water is being pumped out 

from the pond to plant area. The total length of its spillway is 243.14 m with 11 nos. of 

radial gates of size 15.5 x 6.1 m each. Salient features of Mandira dam are shown in 

Table 7.1.  
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Figure 7.2: Flow chart of river network (not to scale) 
 

 

Table 7.1: Salient feature of Mandira Dam 

Sl. No. Attribute Value 

1 Name of the dam Mandira dam 

2 Basin name/ River Brahmani & Baitarni/Sankh 

3 State Odisha 

4 Dam type Earthen 

5 Length of dam (m) 426.8 

6 Crest level of spillway 204.27 

7 Maximum water level (m) 212 

8 Full reservoir level (m) 210.36 

9 Gross storage capacity(Mm3) 316.96 

10 Dam status Completed 

11 Completion year 1993 

12 Max height above foundation(m) 35.37 

13 Total volume content of dam (Tm3) 26732 

14 Spillway capacity (m3/s) 8494 

15 Live storage capacity(Mm3) 311.02 

16 Submergence area (Th.Ha.) 4.436 

17 Catchment area (Sq.Km.) 6057 
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Kansbahal dam 

This irrigation dam has an earthen embankment and distribution (canal) system. It has 

been constructed across the nallah Badjore, a branch of Sankh River which is tributary 

of Brahmani basin near Kadambahal village, Rajghanpur Block of Sundergarh district in 

the north west of Odisha State. Kansbahal project was initiated in the year 1981 – 82, 

later obtained clearance from Central Water Commission, Govt. of India in the year 

1987.  The dam is located at latitude 22° 10’46” N, and longitude 84°39’17” E and 

consists of a homogeneous rolled fill earth dam of 1075 m in length, 28 m in height 

from deepest river bed. The ogee shaped gravity type spill way has 5 No.s of radial 

gates to discharge with length of 36.5 m and later extended to 87.02 m The crest level of 

the Spillway is 222 m, fitted with 5 Nos of Radial Gates of size 12 m x 6 m having flood 

discharge capacity of 1745 m3/s and its live storage capacity of 28.72 M. m3. Salient 

features of Kansbahal dam is shown in Table 7.2. 

Table 7.2: Salient feature of Kansbahal dam 

Sl. No. Attribute Value 

1 Dam name/State Kansbahal/ Odisha 

2 River Barjoo 

3 Dam type Earthen 

4 Length of dam (m) 1145 

5 Type of spillway OG 

6 Length of spillway (m) 70 

7 Crest level of spillway (m) 222 

8 Spillway capacity (m3/s) 1745 

9 Design flood (m3/s) 1745 

10 Maximum water level (m) 228 

11 Full reservoir level (m) 228 

12 Minimum draw down level(m) 219.5 

13 Gross storage capacity(Mm3) 40.41 

14 Max height above foundation(m) 28 

15 Number of spillway gates 5 

16 Size of spillway gates (m x m) 72 

17 Live storage capacity(Mm3) 28.72 

18 Dead storage capacity(Mm3) 11.695 

19 Submergence area (Th.Ha.) 0.506 

20 Catchment area(Sq.Km.) 179 

21 Number of families affected - Total 101 
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Pitamahal dam 

The dam is situated near Balanda village of Kuarmunda Tahasil in Sundargarh District, 

which is about 22 kms from Rourkela and 16 km from Vedvyas. The dam was 

constructed in 1978 across river Pitamahal, a stream of river Sankha that meets river 

Koel at upstream of Panposh to form river Brahmani. Total length of the dam, which 

includes the spillway and the non-overflow section on both sides of spillway, is 660.20 

m. The overflow section (spillway) length is 45.72 m. Length of masonry dam, which 

includes non-overflow section, and spillway is 115.83 m. Earth dam length is 498.65 m. 

The maximum height of the dam is 25.96 m. The earth dam is a rolled fill-zoned 

embankment and the core is of impervious earth. Salient features of the dam are given in 

table 7.3. 

Table 7.3: Salient features of Pitamahal dam 
Sl. No. Attribute Value 

1 Name of the dam/State Pitamahal dam/ Odisha 
2 Dam type Earthen / Gravity / Masonry 
3 Length of dam (m) 660.2 
4 Type of spillway OG 
5 Length of spillway (m) 45.72 
6 Crest level of spillway(m) 243.84 
7 Spillway capacity (m3/s) 501.21 
8 Design flood (m3/s)) 716 
9 Maximum water level (m) 248.87 
10 Full reservoir level (m) 243.84 
11 Minimum draw down level (m) 234.08 
12 Gross storage capacity (Mm3) 23.62 
13 Dam status Completed 
14 Purpose Irrigation 
15 Completion year 1976 
16 Max height above foundation(m) 25.11 
17 Total volume content of dam (Tm3) 896 
18 Live storage capacity (Mm3) 20.17 
19 Dead storage capacity (Mm3) 2016.6 

 

Rukura dam 

Rukura dam project, located in Sundargarh District, Odisha, is one of the medium 

irrigation projects that envisage construction of an Earth dam of 1185 m long including 

a central spillway of 52 m length and one head-regulator across Rukura River, a 
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tributary of River Brahmani. The dam shall create a reservoir of 3800.42 ham of live 

storage capacity from the catchment area of 171 km2. Table 7.4 shows the salient 

features of Rukura dam. 

Table 7.4: Salient features of Rukura dam 
Sl. No. Attribute Value 

1 State, District Orissa, Sundargarh 
2 Latitude and Longitude 21°  47’-50” N and  84° 50’-50“ E 
3 Gross storage at  FRL 4394.307 Ham. 
4 Dead storage capacity. 594.265 Ham 
5 Live storage capacity 3800.042 Ham. 
6 Full reservoir level 186.00 m. 
7 Maximum water level 186.00 m 
8 Top bank level 189.00 m 
9 Submerged area at FRL/HFL 668.45 Ha 
10 Dead storage level 175.00 m 
11 Deepest bed level 163.00 m. 
12 Submergence at DSL 166.60 Ha 
13 Type Homogeneous earth fill dam 
14 Length (Earth dam) 1185 m 
15 Maximum height 26.00 m 
16 Top width 6.00 M 
17 Spillway location and type Centrally located ogee shaped gated 
18 Spillway Length 52.00 m 
19 Crest level of spillway 177.00 m 
20 Size of gate 10 m x 9 m 
21 Number of bays 4 Nos. 

.  

Rengali dam 

Floods in Brahmani are known for its repeating behavior that brings extreme hardship to 

the society in the flood-influenced regions. Rengali Project proposals was reviewed in 

1970 and subsequently modified in July 1972. A fresh Project report was prepared with 

principal benefit as flood control considering the PMF derived on the basis of 1961 

flood as the heaviest flood on record, with a peak flood of 27800 m3/s, a base period of 

6.5 days and a flood volume of 50.6 lakh ham. The dam was constructed in 1985. The 

masonry dam is founded on a rocky bed. Total length of dam is 1040 m and its 

maximum height above foundation is 70.50 m. The ogee shaped  spillway is centrally 

located having a length of 464 m in the main dam with 24 nos. of radial crest gates of 
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size 15.5 m x 14.80 m with discharge capacity of 46960 m3/s. The salient features of 

Rengali dam is given in Table 7.5.  A 560 m long barrage is also constructed across the 

Brahmani River 35 km downstream of Rengali dam. The barrage is used to store the 

flood releases from the dam and divert it through two canal systems. It is having storage 

capacity of 148.85 Mm3 at full pond level and submerges 288.8 Ha. It has a free 

catchment area of 4780 km2 between the dam and barrage. 

Table 7.5: Salient features of Rengali dam 
Sl. No. Attribute Value 

1 Name of the dam/ State Rengali/Odisha 
2 River Brahmani 
3 Latitude & Longitude 21”-17”-00” N  & 85”-02”-00” E 
4 Dam type Gravity Masonry type 
5 Length of dam (m) 1040 m 
6 No. of block 51 nos. 
7 Length of over flow portion 454 m 
8 Length of non-over flow blocks 471 m 
9 Length of power dam 105 m 
10 Deepest foundation level EL 57.50 m 
11 Top of Road level El 128.50 m 
12 Maximum height above foundation 71 m 
13 Average height of dam 45 m 
14 Top width of dam  of overflow portion 7.0 m 
15 Top width of dam  non-over flow portion 8.1 m 
16 Road width overflow 5.9 m 
17 Free board 3.10 m 
18 Type of spillway OG type with ski jump bucket 
19 Length of spillway 464 m including piers 
21 No. of spillway gates 24 nos. of radial gates 
22 EL of crest of spillway 110.2 m 
23 Average height of spillway 42.7 m 
24 Maximum height of spillway 48.5 m (above foundation) 
25 Capacity discharge 46,960 m3/s 
26 Maximum probable flood 55540 m3/s 
27 Maximum water level El. 125.40 m 
34 Full reservoir level El. 123.50 m 
35 Dead storage level El. 109.72 m 
36 Storage capacity at MWL 0.515 Million hm 
37 Storage capacity at FRL 0.44 Million hm 
38 Storage capacity at DSL 0.098629 Million hm 
39 Live storage capacity of reservoir 0.341371 Million hm 
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7.2.2 Dam Break Model Setup 

General   

Most of the dam break setups consist of a single or several channels, a reservoir, the 

dam structure and perhaps auxiliary dam structures such as spillways, bottom outlets 

and others. It is important to describe the river setup accurately in order to obtain 

realistic results. As described in Appendix 7.1, the MIKE 11 model is capable of 

modelling unsteady flows in open channel systems through a numerical simulation of 

one-dimensional Saint- Venant equation. For dam break analysis using MIKE 11 the 

main input/setup requirements are as bellow. 

1. River cross section with corresponding chainages 

2. Inflow and outflow data, either as time series, constant or as Discharge-Depth 

(q-h) relations 

3. Resistance coefficient  

4. Structural specification 

Setting up River Network and Cross Section  

As the dam break flood propagation is highly unsteady in nature, it is advised by the 

MIKE 11 developer that the river course be described as accurately as possible through 

the use of cross sections at closer proximity.  The river network for the study area is 

setup in GIS platform (MIKE Hydro) which is then exported to MIKE 11. The length of 

river course setup in model from Mandira dam to Rengali dam is approximately 158 

kms and from Rengali dam to Bay of Bengal is 352 Kms. Figure 7.3 shows the full river 

network from Mandira dam to Rengali dam to Bay of Bengal. The river cross sections 

are setup at 1 km distance apart in the river network. Few survey data of cross-section 

along with the extracted one from DEM are combined so that the dam break model 

brings more realistic approach in terms of flood water levels at each cross section. For 

extracting cross-section at particular location of river network in MIKE hydro, the DEM 

file must be uploaded in background. For cross section digitization, the bilinear 

interpolation is used i.e. z-values are the interpolated z-value from the 4 closest 

neighboring DEM grid cells. If the bilinear interpolation is not used in extracting the 

cross section, z-value in the cross section profile is the exact value as present in the 

DEM cells that are intersected. 
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Figure 7.3: (a) River network from Mandira to Rengali dam, (b, c, and d) zoomed 
river network up to Rengali, (e) river network from Rengali to Bay of Bengal 
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Reservoir Description  

To obtain the accurate description of the reservoir, an accurate storage characteristic are 

required. In MIKE 11, the reservoir is normally modelled as a single h-point in the 

model. This point is usually at the upstream boundary of the model, where inflow 

hydrograph is specified. Description of the reservoir storage is given directly in the 

processed data under river cross section.  The only columns that contain real data are 

water level and the additional flooded area. Figure 7.4 shows the setting up of Mandira 

reservoir in the MIKE 11 river network module.  Likewise all the other four reservoirs 

are described in the model setup.  

 

Figure 7.4: Screenshot of Mandira reservoir setup in the MIKE 11 
 

Dam Break Description  

For setting up dam break model, it requires that relevant information on the geometrical 

description of dam, breach parameters, failure moment and failure mode to be given as 

input failure parameters. Geometrical description of five dams which includes height of 

dam, crest length and level are given in Tables 7.1, 7.2, 7.3, 7.4, and 7.5 (salient 

features) of respective dams. Breach parameters are the most important in describing the 

dam break model as the flood generated from breached portion is dependent on it. The 

breach parameters are described in next section. The selection of dam failure moment 
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for overtopping failure is when the reservoir water level reaches the specified dam crest 

level.  

The failure mode in dam break model setup is to specify the way in which dam starts 

to breach. There are two types of failure modes (1) time dependent and (2) erosion 

based. Under time dependent failure mode, either dam is made to fail instantaneously 

(mostly in case of concrete dams) or the dam fails linearly (earthen embankments). In 

linearly failure mode of dam, it is assumed that the breach dimensions are increased 

linearly over a given specified time. In erosion based failure, the increase in the breach 

depth is calculated from a classical sediment transport formula. The increase in breach 

width is calculated from the increase in breach depth multiplied by side index. If an 

erosion based failure is specified, further information on: (a) slopes of the upstream and 

downstream faces of dam, (b) width of the dam crest, (c) representative grain diameter 

(d50) of dam core, (d) density (specific gravity) of dam core material, (e) porosity of 

dam core material, (f) critical shear stress of dam material for transport (value varies 

between 0.03-0.06) are essentially required. 

In present case the first four dams, that is, Mandira, Kansbhal, Pitamahal and 

Rukura are assumed to fail linearly under the specified breach parameters and time, 

while the Rengali dam is made to fail instantaneously. Apart from the above breach 

failures, the Mandira dam failure is also studied based on erosion failure mode in   

MIKE 11. The soil from Mandira dam is taken and tested in geotechnical engineering 

laboratory of NIT Rourkela for finding out the grain distribution, dry density, porosity 

and critical shear stress. Details of geotechnical properties of Mandira dam as detailed in 

dam break model are shown in Fig. 7.5 and 7.6.  

 
Figure 7.5: Grain size distribution curve of the soil from Mandira dam 
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Figure 7.6: Screenshot Mandira dam soil properties entered in erosion failure 

mode of dam break modelling 
 

Boundary Conditions 

The boundary conditions must be specified at the upstream and downstream limits. The 

upstream boundary is generally an inflow into the reservoir where as at downstream, the 

stage discharge is the limiting boundary condition. The probable maximum flood (PMF) 

is considered as an inflow to the reservoirs. In case of Rengali dam failure, the upstream 

boundary condition is the combined flood hydrograph generated from failure of 

upstream dams. The inflow hydrograph at the upstream of Mandira dam is shown in 

Figure 7.7(a). For Kansbhal, Pitamahal, and Rukura dam, the inflows are shown in 

Figure 7.7(b). 

 

 

Figure 7.7: Inflow provided to the reservoir as an upstream boundary condition 
for: (a) Mandira dam; (b) Kansbhal, Pitamahal, and Rukura dam 
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Hydrodynamic Conditions 

The initial conditions and Manning’s Roughness Coefficient (n) are specified in this 

section. In many cases, dam failure may occur on a dry river bed downstream. However, 

such initial conditions are not possible in MIKE 11, which requires a finite depth of 

water to be present throughout the entire model in order to ensure the connectivity of 

finite difference algorithm. In the present model, a water depth of 2 m is provided as 

initial condition. The Manning’s n is kept constant with a recommended value of 0.033 

throughout the river course considering it a Rocky River bed. For this type of river, 

Chow (1959) suggested its range between 0.03 and 0.05. 

 

7.2.3 Dam Breach Parameters 

The dam breach equations developed in chapter 4 along with the Froehlich (2008) 

equation are used in the analysis. All the dams are studied for high erodible (HE), 

medium erodible (ME), low erodible (LE), and Froehlich breach parameter conditions. 

Also the dams are made to breach in MIKE 11 erosion failure mode (EB), where the 

breach propagation is solely based on soil properties. The breach parameters used for 

the analysis are shown in Table 7.6. 

Table 7.6: Calculated breach parameters 
Dam Failure 

mode/equation 
Breach 

Time (s) 
Breach Level 

(m) 
Breach 

Width (m) 
Breach Slope 

(H:V) 
Mandira HE 10704 177 300 1:1 

ME 15968 177 180 1:1 
LE 19504 177 140 1:1 

Froehlich (2008) 10288 177 237 1:1 
Kansbhal HE 4966 201 170 1:1 

ME 7408 201 102 1:1 
LE 9048 201 80 1:1 

Froehlich (2008) 4788 201 120 1:1 
Pitamahal HE 5425 224 143 1:1 

ME 8092 224 90 1:1 
LE 9884 224 70 1:1 

Froehlich (2008) 3924 224 100 1:1 
Rukura HE 3876 163 190 1:1 

ME 5783 163 115 1:1 
LE 7064 163 90 1:1 

Froehlich (2008) 5148 163 123 1:1 
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7.3 Analysis and Discussion of Dam Break Results 

The impact of dam failure is studied based on comparing the two flood scenarios: (1) 

flood due to failure of dam, and (2) flood without dam (WD). In case of WD the inflow 

of probable maximum flood is routed to downstream to extract the results of maximum 

water level (HFL) and discharge at different locations. By doing this, the critical 

locations where the water enters the floodplain are noted.  After this the dam failure 

flood is routed to see the extremities in terms of HFL and discharge at downstream 

locations. In this analysis each dam is tested for different breach models (Table 7.6) to 

observe the variation in dam break flood and water level at downstream locations. From 

the results, it is observed that the failure due to high erodibility (HE) is more realistic 

and devastating. So, for all the dams the analysis is based on HE breach parameters and 

mostly presented in this chapter. The analysis of Mandira dam failure based on its soil 

properties is also carried out. The soil samples is collected from Mandira dam site and is 

tested in the geotechnical engineering lab of NIT Rourkela for setting up the breach 

erosion model in MIKE 11 as explained in dam break description. Further, the Mandira 

dam failure is the main contributor for flood at Brahmani River. Therefore, the whole 

analysis is focused around the failure study of Mandira dam. 

7.3.1 Study of Mandira Dam Failure  

Mandira dam overtopping failure model, based on HE breach parameters releases a 

maximum discharge of 29,000 m3/s from the breached portion. This discharge is then 

routed to the downstream locations. The peak discharge at L4, L5, L6, and L7 locations 

are estimated as 16,299 m3/s, 16,078 m3/s, 14,005 m3/s, and 13,012 m3/s respectively. 

Similarly, the Mandira dam failure is tested for ME, LE, Erosion based failure (EB), and 

Froehlich (2008) breach parameters. The variation in HFL at different downstream 

locations of Mandira dam for WD and for different breach models are presented in 

Table 7.7. It can be seen that the water level for ME and LE breach model is almost 

same for every locations but a rise of 0.1 m in HFL can be noticed at some locations for 

HE breach. In case of Froehlich modelling approach, a decrease of 0.1 m in water level 

is noticed at some locations when compared with HE, ME, and LE breach. Mandira dam 

is also breached based on soil erosion failure mode. In this case, the water level at 

downstream locations rise up to 0.6 m as compared to HE breach failure. In case of no 

dam the HFL just downstream of the Mandira dam is 194.6 m while for HE breach it is 
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198.4 m i.e. a rise of 3.8 m is noticed. At Panposh location, the maximum water level 

for HE breach is 187.8 m against the maximum water level of 184 m without dam 

condition (Figure 7.8). The HFL for HE breach and WD at different downstream 

locations is shown in Figure 7.9. Further, the amount of rise in HFL for HE and EB 

breach against the HFL for WD is presented in Figure 7.10. The flood hydrograph 

generated at Mandira dam site due to its failure is shown in Figure 7.11. The peak flood, 

time and other outcomes at Mandira dam sites for different failure conditions are also 

incorporated in Table 7.8. The peak flood 13,012 m3/s is reached at Rengali reservoir in 

21.18 hr duration with the maximum velocity of 2.15 m/s. The peak flood discharge 

reached, maximum water level, and maximum velocity along with their respective reach 

time just before the Rengali dam for all breach models are given in Table 7.9. 

 

Table 7.7: Maximum water level at downstream of Mandira dam in (m) 
Distance 

(km) 
Without 

Dam 
High 

Erodibility 
Medium 

Erodibility 
Low 

Erodibility 
Erosion 
Based  

Froehlich 
(2008) 

0 210.3 212.2 212.3 212.3 212.6 212.2 
4 (Dam) - 212.2 212.2 212.2 212.6 212.1 

4.7 194.6 198.4 198.3 198.3 199.0 198.3 
23 183.9 187.6 187.6 187.6 188.2 187.5 
50 172.5 176.9 176.9 176.9 177.5 176.8 
76 151.4 155.1 155.0 155.0 155.5 155 
102 139.8 143.8 143.7 143.7 144.2 143.7 
121 134.3 137.7 137.7 137.7 138.1 137.7 
140 125.9 127.2 127.2 127.2 127.4 127.2 

 
Figure 7.8: Water level at Panposh: (a) WD (Mandira); (b) with Mandira dam 

failure (HE) 
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Figure 7.9:HFL at downstream locations for Mandira dam failure through HE 

breach and WD 
 

 
Figure 7.10: Rise of HFL for HE and EB breach  compared with WD 

 

 
Figure 7.11: Flood hydrographs at Mandira dam site due to different breach 

models 
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Table 7.8: Mandira breached outcomes for different failure modes  

Failure mode 
Breach start 

time (hr) 
Qp m

3/s tp (hr) 
Bottom breach 

width (m) 
Breach 

level (m) 
HE 26.06 29048 28.93 220 186.3 
ME 26.06 25826 29.13 144.3 186 
LE 26.06 25182 29.23 134.8 186.2 

Erosion failure 26.06 45773 32.33 290 180.6 
Froehlich (2008) 26.06 30647 28.167 172 186.6 
 

Table 7.9: Mandira dam failure effect on Rengali dam 
Failure 
mode 

Qp 
(m3/s) 

tp (hr) HFL (m) Max. WL 
time (hr) 

Max. 
velocity (m/s) 

Max. 
velocity time 

(hr) 
HE 13012 47.18 124.55 47.18 2.15 47.18 
ME 12954 47.7 124.55 47.7 2.15 47.7 
LE 12947 47.95 124.55 47.95 2.15 47.95 

Erosion 14003 50 124.65 50 2.21 50 
Froehlich 12847 47 124.56 47 2.15 47 

 

Flood Inundation due to HE breach at Mandira dam  

The authorities of Rengali dam decide the amount of release of water from the reservoir 

based on the water level at Panposh location.  Water level versus time at this location 

for both WD and dam failure (HE breach) are shown in Figure 7.12. Figure 7.13 shows 

the flood inundation at this location due to Mandira dam breach. The HFL at this 

location is 187.8 m with peak discharge of 15943 m3/s. Time versus discharge at 

Panposh is shown in Figure 7.14. Flood inundation map for Mandira dam failure (Figure 

7.15a) shows that there are many downstream locations where the breached flood spread 

into flood plain areas. Few such critical locations are shown in Figure 7.15 (b, c, d, & e). 

 
Figure 7.12: Water levels at Panposh for WD and Mandira dam failure 
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Figure 7.13: Flood inundation at Panposh due to Mandira dam failure 
 

 

Figure 7.14 Discharge versus time at Panposh for WD and Mandira dam failure  
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Figure 7.15: Flood inundation map at some critical location under high alert 
during Mandira dam failure 

7.3.2 Kansbahal Dam Failure 

The failure model selected for the analysis of Kansbahal dam is High Erodibility (HE) 

based breach. The results are shown in terms of water level, discharge and arrival time 

at different downstream locations. Further the amount of peak discharge entering the 

Brahmani River is analysed.  

Water Levels: The HFL at Badjore Nallah due to the Kansbahal dam failure is shown in 

Figure 7.16. Variation of water level profile with respect to time at different 

downstream locations of Kansbahal dam is shown in Figure 7.17. Further the minimum 

and maximum water level (HFL) along with their respective time of maximum water 

level is given in Table 7.10. 

(b) 

(c) 
(a) 

(b) (c) 

(d) 

(d) (e) 

(e) 
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Figure 7.16: Longitudinal bed profile of Badjore Nallah showing HFL 

 

 
Figure 7.17: Movement of flood wave in the downstream of Kansbahal with time 

 

Table 7.10: HFL at different downstream locations of Kansbahal dam 
Distance (m) Min. Water Level (m) HFL (m) Time of MWL 

0 219.9 229 1/1/2016 9:00 
2000 212.6 228.1 1/1/2016 22:36 
4000 212.4 228.1 1/1/2016 22:36 
5000 197.8 205.8 1/1/2016 23:52 
6000 195.4 204.6 1/1/2016 23:55 
7000 194.3 202.7 1/1/2016 23:58 
8000 191.9 198.6 2/1/2016 0:00 
9000 185.3 193.5 2/1/2016 0:01 
10000 182.4 190.5 2/1/2016 0:04 
11000 175.9 185.7 2/1/2016 0:07 
12000 174.2 183.5 2/1/2016 0:12 
13000 170.7 182.2 2/1/2016 0:17 
15000 171.5 178.3 2/1/2016 0:20 
15650 166.9 175.1 2/1/2016 0:22 

 

Line showing maximum 
limit of water level due to 
Kansbahal dam failure 
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Discharge: Kansbahal dam failure due to HE breach model releases 10868 m3/s of peak 

discharge which is routed to downstream. There’s very slight loss of peak discharge 

noticed in the Badjore Nallah and at L4 location the peak discharge noticed is 10146 

m3/s which is entering into the main river due to the failure of Kansbahal dam. Figure 

7.18 shows the flood hydrographs at different location downstream of Kansbahal dam. 

Also the maximum discharge and arrival time of maximum discharge at different 

locations downstream of Kansbahal dam is given in Table 7.11. 

 

 
Figure 7.18: Flood hydrograph at different locations downstream of Kansbahal  

Table 7.11: Maximum discharge and arrival time at downstream of Kansbahal  
Distance (m) Max. Discharge (m3/s) Max. Discharge Time 

4440 (Dam Site) 10868 1/1/2016 23:42 

5500 10663 1/1/2016 23:50 

6500 10590 1/1/2016 23:53 

8500 10547 2/1/2016 0:00 

9500 10518 2/1/2016 0:01 

11500 10482 2/1/2016 0:06 

12500 10421 2/1/2016 0:07 

14000 10205 2/1/2016 0:15 

15650 (L4 Location) 10146 2/1/2016 0:20 

 

7.3.3 Pitamahal Dam Failure 

Failure of Pitamahal Dam is analysed through HE breach model. The generated flood 

hydrograph is routed in Ptamahal River. The results are shown in terms of water level, 

discharge and arrival time at different downstream locations. Further the amount of peak 

discharge entering the Brahmani River is analysed. 

Arrival time of 
peak discharge 
from dam site to 
L4 location is 30 
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Water Level: Due to failure of Pitamahal dam through HE breach, the HFL at L5 

location is 184.7 m i.e a rise of 6.5 m from minimum water level. The Piramahal river 

longitudinal bed profile showing water level at time 23 hour and 42 minute (maximum 

breached discharge time) is presented in Figure 7.19. Water level at different locations 

downstream of Pitamahal dam with time is shown in Figure 7.20. Further, the minimum 

and maximum water level along with their respective time of maximum water level is 

shown in Table 7.12. 

 

 
Figure 7.19: Profile of river longitudinal bed showing water level at different 

locations downstream of Pitamahal dam 

 

 

Figure 7.20: Movement of flood wave in the downstream of Pitamahal dam with 
time 

 

6.5 m rise in 
water level at 
L5 Location 
due to 
Pitamahal 
dam failure  

Line showing maximum 
limit of water level due to 
Pitamahal dam failure 
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Table 7.12: HFL at different locations downstream of Pitamahal dam 
Distance (m) Min. Water Level (m) Max. Water Level (m) Max. WL Time 

0 225.7 249.1 1/1/2016 23:42 

1000 204.1 211.3 2/1/2016 0:01 

2000 202.1 208.7 2/1/2016 0:06 

3000 198.5 206.3 2/1/2016 0:07 

4000 197.4 203.9 2/1/2016 0:12 

5000 194.1 200 2/1/2016 0:14 

6000 190.4 197.8 2/1/2016 0:17 

7000 188.6 196.4 2/1/2016 0:20 

8000 188.1 194.5 2/1/2016 0:23 

9000 184.3 191.3 2/1/2016 0:25 

10000 179.4 186.6 2/1/2016 0:30 

10840 178.2 184.7 2/1/2016 0:30 

 

Discharge: A peak discharge of 20,754 m3/s released from the breached portion of 

Pitamahal dam reaches at L5 location within 30 minutes of its failure. The peak 

discharge of 17,372 m3/s is noticed at L5 location adding to the flow of Sankh River. 

The value of maximum discharge along with their respective time at particular locations 

in Pitamahal River is given in Table 7.13 and Flood hydrographs are also shown in 

Figure 7.21. 

 

 
Figure 7.21: Flood hydrograph at different locations d/s of Pitamahal dam 

 

Arrival time of peak 
discharge from dam 
site to L5 location is 
30 min 
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Table 7.13: Maximum discharge and arrival time at downstream of Pitamahal dam 

Distance (m) Max. Discharge (m3/s) Max. Discharge Time 
125 (Dam Location) 20754 2/1/2016 0:00 

1500 20036 2/1/2016 0:01 
2500 19746 2/1/2016 0:06 
3500 19295 2/1/2016 0:09 
4500 19018 2/1/2016 0:12 
5500 18782 2/1/2016 0:14 
6500 18404 2/1/2016 0:17 
7500 18188 2/1/2016 0:20 
8500 17756 2/1/2016 0:23 
9500 17672 2/1/2016 0:25 

10420  (L5 Location) 17372 2/1/2016 0:30 

 

7.3.4 Rukura Dam Failure 

Water level: Due to the failure of Rukura dam, the HFL just downstream of dam site 

and at L6 location is 176.5 and 144.9 m respectively. The Rukura Nallah longitudinal 

bed profile showing water level at 18 hour and 52 minute is presented in Figure 7.22. 

The time series of water level at different locations downstream of Rukura dam is 

shown in Figure 7.23. The minimum water level, HFL, and arrival time of HFL at 

different locations downstream of the Rukura dam is shown in Table 7.14. 

Discharge: The breached peak flood from the Rukura dam is 15291 m3/s that reaches L6 

location in 25 minutes with a peak discharge of 13914 m3/s. Flood hydrographs at 

different locations downstream of Rukura dam is shown in Figure 7.24. The peak 

discharge value with their respecting arrival time is given in Table 7.15. 

 
Figure 7.22: River bed profile showing water level downstream of Rukura dam 

 

Line showing maximum 
limit of water level due to 
Rukura dam failure 
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Figure 7.23: Profile of water level at different locations downstream of Rukura  

 

Table 7.14: HFL at different locations downstream of Rukura dam 
Distance (m) Min. Water Level (m) HFL (m) HFL Time 

0 170.7 189.3 1/1/2016 17:36 

1000 169.2 176.5 1/1/2016 18:58 

2000 167.2 175.4 1/1/2016 19:01 

3000 165.6 173.3 1/1/2016 19:01 

4000 165.1 170.5 1/1/2016 19:06 

5000 156.4 162.8 1/1/2016 19:07 

6000 154.2 159.8 1/1/2016 19:14 

7000 151.9 158.6 1/1/2016 19:15 

8000 151.7 157.7 1/1/2016 19:17 

9000 140.3 149.1 1/1/2016 19:20 

10000 140.1 144.9 1/1/2016 19:22 

 

 
Figure 7.24: Flood hydrograph at different locations downstream of Rukura dam 
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Table 7.15: Peak discharge and arrival time at downstream of Rukura dam 
Distance (m) Peak Discharge (m3/s) Peak Discharge Time 

600 (Dam Location) 15291 1/1/2016 18:55 

1500 14924 1/1/2016 18:58 

2500 14532 1/1/2016 19:01 

3500 14491 1/1/2016 19:04 

4500 14441 1/1/2016 19:06 

5500 14337 1/1/2016 19:07 

6500 14095 1/1/2016 19:12 

7500 13995 1/1/2016 19:15 

8500 13938 1/1/2016 19:17 

10000 (L6 Location) 13914 1/1/2016 19:20 

 

7.4 Combined Effect of all 4 Dam Failures on Brahmani 

River 

Having discussed on the individual failure of dams and their consequences at the 

downstream regions, the present section focuses on the effect of combined failure of all 

the four u/s dams and their consequences. The Kansbahal dam failure flood reaches the 

Sankh River and is combined with the flood of Mandira dam failure at L4 location. At 

500 m u/s from L4 location the peak flood is 28,155 m3/s which is due to Mandira dam 

failure and at 500 m d/s from L4 location the peak discharge is 30,168 m3/s, a 7.14% 

increase in peak discharge is noticed at Sankh River. Flood from both the dams breaches 

reach at L5 location, where the flood from Pitamahal dam failure is also combines. It is 

observed that the Pitamahal dam failure has very less effect in increasing the peak 

discharge at Brahmini River. At 500 m u/s from L5 the peak discharge is 26,487 m3/s, 

while at 500 m d/s the peak discharge is 26,785 m3/s i.e. an increase of 298 m3/s. The 

peak discharge from three u/s dams reaches L6 location in approximate time of 8 hr. For 

the worst effect, it is important that the Rukura dam fails in such a manner that the peak 

discharge at L6 location when combined with the previous u/s dam break flood must be 

the maximum. Rukura dam is simulated to fail at different times to meet the above 

condition. It can be seen that the flood released due to the failure of Rukura dam effect 

the Brahmani River the most, as compared to the other three dams. An increase of 18% 

in peak discharge is noticed at L6 location. Figure 7.25 shows the combined effect of 

dam breaks on the flood hydrographs at different locations in Sankh and Brahmani 

River.  The flood generated due to failure of four u/s dams reaches the Rengali dam with 
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a peak discharge of 18,676 m3/s. Mandira dam failure release the peak discharge of 

29,000 m3/s and this flood is routed downstream reaches Rengali dam with the peak 

flood of 13,012 m3/s. Due to the failure of three dams situated in tributaries, there is an 

increase of peak inflow flood by 43.5% at Rengali dam site with respect to resulting 

flood induced by failure of Mandira Dam. Figure 7.26 shows the combined dam break 

peak outflows at different locations. 

 
Figure 7.25: Combined dam break flood hydrograph at different locations 

 

 

Figure 7.26: Combined dam break peak outflows at different locations 
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The water level in Brahmani River at Panposh location decides the reservoir water level 

at Rengali dam. Figure 7.27 shows the river cross section at Panposh in which minimum 

and maximum water level along with their respective times are shown. From the 

variation of water level at this location government authorities can predict the operation 

of Rengali dam under the extreme condition of dam failures. The flood hydrograph 

reaching at Rengali reservoir is shown in Figure 7.28. Flood inundation map of 

Brahmani River due to failure of Mandira, Kansbhal, Pitamahal and Rukura dam is 

shown in Figure 7.29. 

 

 
Figure 7.27: River Cross section at Panposh (a) minimum water level at 9:00 AM, 

(b) maximum water level at 2:04 PM 
 

 
Figure 7.28: Combined dam break flow reaching at Rengali dam 
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Figure 7.29: Flood inundation map of Brahmani River due to failure of Mandira, 

Kansbhal, Pitamahal and Rukura dam 
  

7.4.1 Effect of Different Breach on Combined Dam Failures 

All the breach models are tested for all the dams and the peak flood at dam location as 

well as the peak discharge entering the Sankh and Brahmani River is incorporated in 

Table 7.16 and 7.17 respectively. It is observed that the High erodibility breach model 

(HE) and Froehlich breach model shows close proximity in dam failure results. 

 

Table 7.16: Maximum discharge (m3/s) at dam location 
Dam Failure HE  ME  LE  Froehlich  

Mandira 29000 25826 25182 30647 
Kansbhal 10867 8212 7886 9706 
Pitamahal 14331 10776 10194 13061 

Rukura 15291 12390 11892 14047 
 

Table 7.17: Maximum discharge entering into Sankh and Brahmani River 

Dam Failure HE ME LE Froehlich 
Mandira 29000 25826 25182 30647 
Kansbhal 10145 7966 7664 9254 
Pitamahal 13915 10506 9964 1217 

Rukura 13914 11399 11010 13048 
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7.5 Operation of Rengali Dam  

According to the guidelines provided by the Central Planning Unit in 1992, the Rengali 

reservoir must work under two considerations. First, the dam safe condition and for that 

there must be sufficient space in the reservoir to moderate the incoming flood. This can 

be achieved by suitably fixing the rule curve of the dam release from the reservoir 

accurately. Second, the safe flood condition and for that the flood releases from the 

reservoir must be restricted according to the conditions for the safe flood in the 

downstream area. As per CWC documents, a discharge of less than 8,000 m3/s in delta 

region is safe and secure and this can be achieved only if it is permitted by the dam safe 

condition. An authentic forecast of the volume of the maximum inflow to the reservoir 

is essential so as to keep the reservoir level below MRL of 125.4 m under all conditions. 

Both conditions are most important from the point of lower value of initial water level 

of reservoir. However these conditions can conflict with the other major objectives of a 

multipurpose dam that are: hydropower and water storage for irrigation purpose. 

Therefore for preventing flood, extra storage capacity has been created by pre-releasing 

water from the reservoir that will only be accepted if the rule curve levels can be 

attained again in after the flood progress. Thus, this requires an authentic forecast of an 

assured volume of minimum inflow to the reservoir. A valid forecast is also required for 

the uncontrolled catchments i.e. for the entire Baitarani and Brahmani catchment 

downstream of Rengali to calculate the total inflow to obtain the safe flood conditions. 

It can be noted that complete information about the conditions of flow is necessary in 

advance to carry out the manipulation of the Rengali gates effectively. However, we 

don’t have any reliable systems for forecasting the inflow that need to be considered 

with utmost urgency.  

The Central Water Commission India (CWC) document had already pointed out the 

following weak points of the Rengali dam project and its flood control mechanisms: 

 The system produces insufficient lead time for the flow at Rengali reservoir. It only 

account basin area controlled by Rengali dam downstream of Panposh, which is almost 

75% of the Brahmani basin. Contributions of this basin are hard to gauge, however 

precipitation is considered in the correlation technique to produce the forecasts to some 

extent of reality. The lead times are small in light of the fact that neither rainfall-runoff 

modelling nor the quantitative precipitation is considered for forecast. The flood stages 

in the delta are determined by knowing the inflow coming to the delta, contributions of 
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delta area and the water levels at sea. The present framework does not give any way to 

make an interpretation of the boundary conditions into flood levels. 

 The recommended maximum and minimum water level limits of Rengali reservoir 

for monsoon season according to rule curve 2011 (Figure 7.30) is 115.85 m. This value 

for the month of September (monsoon ending month) is required to be 122.50 m. So, the 

analysis of flood at downstream locations due to Rengali gate openings in case of 

incoming flood generated due to combined dam failures (Figure 7.28) by keeping 

Rengali reservoir water level (RL) at 122.5 m. The Storage capacity curve and spillway 

rating curve of Rengali reservoir is shown in Figure 7.31. 

In this present section the flood situation downstream of Rengali due to gates 

operation is studied for two cases: Case 1: Discharge from cascading failure of upstream 

dams entering Rengali reservoir at RL 122.5 m, and Case 2: Inflow as Probable 

maximum flood (PMF) entering Rengali reservoir at dead storage level (110 m). 

  

 
Figure 7.30: Revised rule curve for Rengali dam (as adopted in 2011) 

 

 
Figure 7.31: (a) Storage capacity curve, (b) Spilway rating curve of Rengali 

reservoir 
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7.5.1 Case 1: Discharge from cascading failure of upstream 

dams entering Rengali reservoir at RL 122.5 m 

For flood control, it is required that reservoir water level is to be kept as low as possible 

during flood season, whereas power generation requires that the level to maintained as 

high as possible. Irrigation demands that the reservoir should have maximum of the 

conservation storage towards the end of filling season. As regards safety of the dam, it is 

safe against Probable Maximum Flood (PMF). However, due to flooding in downstream 

areas, judicious decision has to be taken while operating the gates, keeping in view of 

the limiting discharge at Jenapur to 8500 m3/s corresponding to its HFL gauge of 23 m. 

The flood control scheme is planned such that the regulated discharge from the reservoir 

combined with the downstream discharge reaches upto 8500 m3/s with safe water level 

of 123.5 m. The downstream areas of Rengali dam at Samal barrage having the danger 

level of water of 72.10 m with corresponding flow rate of 8550 m3/s is located nearly 50 

km downstream of Rengali dam. At Talcher gauge site, the danger level of water is RL 

62.91 m with corresponding discharge capacity of 9500 m3/s located at 75.1 Km from 

Rengali dam while the Jenapur gauge site has the danger level of water at 23.3 m with 

discharge rate of 10,500 m3/s at 203 Km from the Rengali dam. The combined dams 

breached discharge from all the four dams as analysed in above section is taken as 

inflow to the Rengali reservoir and the effect of opening of radial gates on downstream 

water level is studied. As less than 8500 m3/s of discharge from Rengali dam is assumed 

to be safe at downstream delta region, it means, full discharge from the opening of more 

than 4 radial gates comes under the radar of dangerous situation. The recommended 

HFL at Rengali reservoir for the month of September is 122.5 m (2011 Rule curve). So, 

while setting up the MIKE 11 model for Rengali dam operation, the reservoir water 

level is kept at 122.5 m before the commencement of combined failure flood 

hydrograph at Rengali reservoir.  

With the opening of 1 radial gate, the reservoir water level reaches at 125.6 m 

against the maximum reservoir level of 125.4 m. The HFL is far below the danger level 

at Samal Barrage, Talcher Gauge site and Jenapur Gauge site. With the opening of 2 

radial gates, the reservoir water level is at 124.9 m, the whole incoming flood is stored 

in the reservoir. It has been seen that the HFL with the opening of 5 gates, water level at 

just d/s of Samal Barrage is at 2.8 m high from the danger level. Similarly, at Talcher 

and Jenapur Gauge sites, the water level is 1.39 m and 1.7 m above the danger level 
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respectively. With the opening of 8 radial gates, the water level at Samal Barrage, 

Talcher Gauge site, and Jenapur Gauge site are 3.8 m, 2.19 m, and 2.4 m above the 

danger level respectively. Table 7.18 shows HFL at three locations for the opening of 8, 

5, and 1 radial gate. Further, the variation in water level for the opening of 1, 5, and 8 

radial gates at five important locations are shown in Figures 7.32, 7.33, 7.34, 7.35 and 

7.36.  The variation in HFL at downstream of Rengali dam for the opening of 1, 5 and 8 

gate is shown in Figure 7.37.  Variation in HFL along the d/s of Rengali dam for 

consecutive opening of gates with respect to HFL due to Gate-1 opening is shown in 

Figure 7.38. The discharge hydrograph along with profile of water level at five locations 

with respect to time for the opening of 1 gate and 8 gates is shown in Figures 7.39 and 

7.40 respectively. 

 

Table 7.18: Maximum water level at three locations (Case 1) 

Location 
Maximum Water Level (m) 

Danger Level 8 Gates 5 Gates 1 Gate 
Samal Barrage 72.1 75.9 74.9 71.1 

Talcher Gauge site 62.91 65.1 64.3 61.2 
Jenapur Gauge Site 23.3 25.7 25 22 

 

 
Figure 7.32: Variation of water level at just downstream of Samal barrage (Case 1) 
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Figure 7.33: Variation of water level at Talcher gauge site (Case 1) 

 

 

Figure 7.34: Variation of water level at Dhenkenal (Case 1) 
 

 

Figure 7.35: Variation of water level at Jenapur gauge site (Case 1) 
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Figure 7.36: Variation of water level at Kendrapara (Case 1) 
 

 

Figure 7.37: HFL at downstream with opening of 1, 2 and 8 radial gates 

 

 
Figure 7.38: Variation in HFL along the d/s of Rengali dam for consecutive 

opening of gates with respect to HFL due to Gate-1 opening 
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Figure 7.39: Discharge and water level with respect to time for 1 gate opening 

(Case 1) 
 

 

Figure 7.40: Discharge and water level with respect to time for 8 gates opening 
(Case 1)  

 

7.5.2 Case 2: Inflow as PMF and Reservoir Level 110 m 

In this case 24 simulations are carried out in MIKE 11 with sequentially operating radial 

gates from 1 gate to 24 gates. In this model setup, the radial gates are fully opened 

before the commencement of PMF entering the reservoir and the reservoir water level is 

fixed at Dead Storage Level (110 m). The following scenario arises in the gate 

operation: (1) with opening of Gate 1, the flow through gate as well as the overtopped 

flow through massonary dam combined together give rise to peak discharge of 33354 

m3/s. The time of peak discharge is 107 hour and 22 minutes from the commencement 

of PMF. Similarly, with 2 gate opening the combined outflow becomes 33310 m3/s. 
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Sequentially gates are opened upto 13 number and their combined outflow at the 

downstream of dam is given in Table 7.19. It can be seen from the table that there is no 

overtopping flow when 13 Gates are opened. The maximum water level reached in the 

dam is 128.4 m against the TBL of 128.5 m with a peak discharge of 33830 m3/s. The 

optimum condition for operating minimum number of radial gates to avoid the 

overtopping of TBL of the dam (128.5 m) is 13 gates opening.  It can be seen that the 

successive opening of radial gates from 1 to 5 shows decreasing trend, while from 6 to 

24 gates, an increasing trend in released peak discharge is observed. The optimum 

condition for operating minimum number of radial gates to release the minimum 

discharge is the opening of five gates.   

In case of opening of 24 gates, the reservoir attains a maximum water level of 125.4 

m. The maximum discharge noticed at just downstream of dam is 36874 m3/s. The time 

of peak discharge is 105 hour and 54 min from the commencement of PMF. Discharge 

at Samal Barrage, Talcher Gauge site, Dhenkenal, Jenapur Gauge site, and Kendrapara 

due to opening of 1, 16 and 24 gates is shown in Figures 7.41, 7.42, and 7.43 

respectively. Further the variation in water level at the defined five places for opening of 

1, 5. 8, 16 and 24 gates are shown in Figures 7.44, 7.45, 7.46, 7.47, and 7.48 

respectively. Arrival time of peak flood at these five locations is given in Table 7.20. 

Table 7.19: Optimum number of gates operation under Case 2 
Radial 

gates open 
Overtopping 

depth (m) 
Qp at 500 m 

d/s from dam 
Observations 

1 3.6 33354  Decreasing in released peak 
discharge with overtopping 3 3 33284 

5 2.4 33270 
Optimum condition for Minimum 

discharge 

7 1.8 33317  Increase in released peak discharge 
with overtopping 10 0.9 33500 

13 0 33830 Optimum condition for no overtopping 

15 - 34139  
Increase in released peak discharge 

with no overtopping 
20 - 35285 

24 - 36874 
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Figure 7.41: Discharge at 5 important locations with 1-Gate opening (Case 2) 

 

 
Figure 7.42: Discharge at 5 important locations with 16-Gate opening (Case 2) 

 

 
Figure 7.43: Discharge at 5 important locations with 24-Gate opening (Case 2) 
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Figure 7.44: Variation in water level at just downstream of Samal barrage (Case 2) 
 

 
Figure 7.45: Variation in water level at Talcher gauge site (Case 2)  

 

 
Figure 7.46: Variation in water level at Dhenkenal (Case 2) 
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Figure 7.47: Variation in water level at Jenapur gauge site (Case 2) 

 

 
Figure 7.48: Variation in water level at Kendrapara (Case 2) 

 

Table 7.20: Arrival time of peak flood at different locations 

Locations 
Arrival Time (hr) 

24 Gates 16 Gates 8 Gates 5 Gates 1 Gate 
Samal Barrage 26.33 28.93 34.03 37.9 54.63 

Talcher Gauge Site 28 41.46 48.26 53.33 72.23 
Denkenal 59.06 63.3 70.8 76.2 98.3 

Jenapur Gauge Site 78.1 82.26 90.3 96.56 110.73 
Kendrapara 95.26 99.93 109.16 115.63 121.5 

 

7.6 Summary  

In this Chapter, the flood generated from four upstream dam failures is routed through 

d/s to see their impact on Brahmani River and at Rengali dam. The dam breach 
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equations developed for Indian dam failure conditions in previous chapter are 

incorporated in this study. High erodible (HE) breach equation is found to be more 

suitable as compared to the other breach equations such as medium erodible (ME), low 

erodible (LE), Froehlich (2008) and erosion based breach in MIKE 11. Further, the 

Froehlich breach parameters are also incorporated and found to give results close to the 

HE breach parameters. The Mandira dam failure is also analyzed for erosion based 

failure. The soil samples from Mandira dam is tested in geotechnical lab to know its 

properties. Erosion based breach failure shows too high peaked flood from breached 

portion. The type of failure is neglected for other dam failure analysis, as the scenario is 

not realistic. Individual failure of each dam is studied to see the changes in water level 

at Brahmani River. The impact of Mandira dam on d/s regions is more as compared to 

the other dam failures. Flood from breached portion of Mandira dam reaches the d/s 

Rengali dam with a peak of 13,000 m3/s. Further, the individual failure of three more 

dams (Kansbahal, Pitamahal, and Rukura) has been studied and is found to have small 

individual effects on Rengali dam. Another study is conducted in this chapter in which 

the effect of combined failure of Mandira, Kansbahal, Pitamahal, and Rukura dam on 

Rengali dam is analysed. The flood generated from the failures of these dams reach 

Rengali reservoir with a peak of 18,676 m3/s. Flood inundation maps are generated for 

both Mandira dam failure and combined dam failures at critical locations of Panposh 

and Angul district. Variation in water level at Panposh is important for the authorities 

because the Rengali dam operation for releasing water to d/s region depend on it. Due to 

combined failure of dam, the water level at Panposh site is at 189.9 m which is 2 m 

above the danger level.  

Further, the flood situation downstream of Rengali due to gates operation is studied 

for two cases. Case 1: Inflow as combined dams break discharge entering Rengali 

reservoir at its water level 122.5 m; Case 2: Inflow as Probable maximum flood (PMF) 

entering Rengali reservoir at dead storage level (110 m). Case 1: For the opening of 5 

gates, the high flood level at Samal Barrage, Talcher and Jenapur Gauge site is 2.8 m, 

1.39 m and 1.7 m above the danger levels respectively. Case 2: The scenario of 

overtopping of dam persists even for the opening of 12 gates noticing overtopping depth 

of 0.3 m over the top road level. The maximum discharge noticed is 33,702 m3/s. 
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 Chapter 8  

Summary and Conclusions 
 

8.1 Summary and Conclusions 

An exhaustive research program involving the collection and compilation of Indian dam 

failure data along with the laboratory experimental studies of overtopping failure of 22 

embankments with various geotechnical and hydraulic parameters, the modeled breach 

equations are developed that are further applied to a series of cascading dams in the 

Brahmani River system in the state of Odisha. The summary and conclusion of the 

research work is outlined below.  

1. An attempt is made here to use 16 Indian dam failure data for the first time 

along with 140 worlds over dam failure cases available from various literatures 

to propose dam break equations. The predicted results for breach parameters 

from the equations proposed by Bureau of Reclamation (1988), Froehlich 

(2008), and Xu-Zhang (2009) are compared with the present developed 

equations and is found to give the best results in terms of Root Mean Square 

Error (RMSE). The RMSE for developed equation for failure time is 0.95 while, 

the values are 2.05, 1.94, and 1.41 using BR, Froehlich, and Xu-Zhang 

respectively. 

2. The developed equations are successfully applied to the four existing dams 

(Mandira, Kansbahal, Pitamahal and Rukura) in the Brahmani Basin and their 

cascading effect at the Rengali dam is studied. Due to cascading failure of dams, 

the water level at Panposh is raised up to 189.9 m against the danger level of 

186.6 m and the peak flood of 18676 m3/s is reached at Rengali reservoir. 

3. For Case 1 scenario (discharge resulting from the combined dams failure 

entering Rengali reservoir at RL 122.5 m), with opening of 5 Rengali gates, the 

high flood level at Samal Barrage, Talcher and Jenapur Gauge site is 2.8 m, 1.39 

m and 1.7 m above the danger levels respectively.  

4. In Case 2 scenario (inflow as Probable maximum flood (PMF) entering Rengali 

reservoir at dead storage level), the optimum condition for operating minimum 

number of radial gates for avoiding the overtopping of top road level of the dam 
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(128.5 m) is 13-Gates. The optimum condition for operating minimum number 

of radial gates to release the minimum discharge is 5- Gates. 

5. For the first time, the effect of embankment cracks on overtopping breach 

failure is experimentally studied. It is found that the embankments with large 

dry density erode faster as compared to the embankments with low dry density 

because of the development of deep and long cracks in the former. These cracks 

provide path to the water and start saturating the inner dry soil of embankment 

that reduces the apparent cohesion between soil particles, which in terms seen as 

quick failure due to overtopping.  

6. The embankment constructed at OMC with compaction effort of 14000 kg-

m/m3 giving rise to 1433 kg/m3 of dry density is found to be eroding slower 

with failure time of 94 min than the embankment constructed at 50% of OMC 

with compaction effort of 29000 kg-m/m3 giving rise to 1571 kg/m3 of dry 

density with failure time of 14.16 min. The breach time is more influenced by 

compaction energy rather than compaction moisture content, and the breach 

width is more dependent on compaction moisture content.  

7. With the increase in fine particles (0% to 83%) in the soil composition, the 

breach time increases up to a certain threshold limit and subsequently decreases. 

The decrease in breach time for soil with higher fine particles after a threshold 

limit is not substantial and still requires a sufficient period of time to breach.  

8. From the present experimental data, equations are developed for breach depth, 

average breach width, headcut migration rate, and failure time using the non-

dimensional parameters such as the embankment soil factor (soil cohesion, 

embankment dry density and embankment height lumped together to form non-

dimensional factor), relative compaction effort, and relative mean grain size 

diameter (d50/0.075). The experimental observations for breach dimensions are 

found to be significantly matching with the predicted values from the developed 

equations. 

9. The breach parameters calculated from the equations developed based on 

geotechnical parameters provides comparable results from the equations 

developed based on past dam-failure cases. The applicability of these equations 

(based on geotechnical parameters) in the field for calculating the breach 

parameters of the dam is tested for Mandira dam and are found to be quite 

relevant and closely related to the other equations outputs.  
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8.2 Scope of the Future Work 

This study is only a small part of a very large and ongoing study on dam breaching. 

Further research work may be encouraged in the following areas: 

1. The review shows that thousands of dam are failed so far in the world over but 

are handicapped with the availability of the 156 dam failure data. With the 

availability of more data, the proposed breach equations can be improved to be 

more practical. 

2. The influences of embankment cracks on dam failures are attempted for the first 

time as pointed out by one of the reviewer to communicated paper. These 

aspects can be extensively studied with more data involving various types of 

cohesive soils and its related parameters. 

3. A model study of breached dam correlating the geometrical and hydraulic 

parameters before and after breach with the available breached data could be 

more prudent so as to simulate the real problem of the dam breach analysis and 

model studies. 

4. The development of methodologies of failure characteristics of dams under the 

condition of extreme loadings such as earthquake, terrorist attacking, and others 

to enable the quick reaction to these momentary events under dam safety. 

5. To ensure the correctness of the simulated results, Manning’s n should be 

calibrated and validated first when using MIKE 11 and the use of the mobile-

bed numerical model is suggested for future work because severe bed 

deposition/score will occur under the extreme flood wave generated by dam 

failure.  

6. The parameters listed in Table 7.6 on the simulated flood wave characteristics 

can be further studied before it can be applied to the dam failure studies 

confidently 
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Appendix A 

Dam failure data 
 

Table A.1: Dam failure data   

No. Country Dam name Dam 
type 

hd 
(m) 

W 
(m) 

L (m) V (106) 
(m3) 

hw (m) FM hb 
(m) 

Bavg 

(m) 
Qp (m

3/s) tf (hr) E 

1 India Kodaganar HD 12.75 6 2425 123 13.2 O 12.2 415 7079 - HE 

2 India Ghurlijor HD 12.19 3 593.3 2.179 13.99 O 12 60 228 - HE 

3 India Panshet CD 63.56 6 765 310.61 64.76 O 63 - 10763 - LE 

4 India Khadakwasla CD 36.09 4 1539 86 38 O 36 70 16000 4 LE 

5 India Palem Vagu HD 46 6 810 35.6 - P 24 90 2425 2 HE 

6 India Palem Vagu (UC) HD 36 56 810 - 36.5 O 36 215 - - HE 

7 India Kadam HD 30.78 3.28 2050 215.3 31.24 O 30 137.2 14158 4 HE 

8 India Kaila HD 23.08 3.5 213.3 13.98 - S 23.08 - - HE 

9 India Dantiwada HD 61 6 4881 464 61.6 O 56 110 11950 - ME 

10 India Machhu-II CD 22.56 6.1 5210 100.55 28.66 O 22.56 >2000 16307 2 HE 

11 India Mitti HD 16.02 - 4405 17.4 16.1 O  - - ME 

12 India Pratappura HD 10.67 3 2500 4.12 - P  - - HE 

13 India Jamuniya HD 15.4 3.3 2772 9.209 - P 15.4 50 1800 6 LE 

14 India Nandgavan CD 18.64 - 735 2.06 19.64 O 18.64 90 4100 0.33 HE 

15 India Nanaksagar HD 16.5 - 19200 209.8 16.6 O 16.8 150 9711 - HE 

16 India Gararda HD 31.76 - 4270 44.38 - O  105   

17 England Coedty CD 10.97 3.1 262 0.31 11 O 11 42.7 short HE 

18 USA Apishapa, Colorado HD 34.14 4.88 22.5 28 P 31.1 93 6850 2.5 HE 

19 USA Baldwin Hill HD 71 19.2 198 1.1 12.2 P 21.3 25 1130 1.3  

20 USA Bearwallow Lake HD 3.1 0 5.79 S 6.4 12.2  

21 USA Big Bay Dam ZD 15.6 17.5 13.5 P 13.56 83.2 4160 0.92 ME 
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No. Country Dam name 
Dam  
type 

hd  
(m) 

W  
(m) 

L  
(m) 

V (106)  
(m3) 

hw (m) FM hb 
(m) 

Bavg  

(m) 
Qp (m

3/s) tf (hr) E 

22 USA Break Neck Run 7 0.049 7 30.5 9.2 3  

23 USA Buckhaven No. 2 0 6.1 O 6.1 4.72  

24 USA Buffalo Creek HD 14.02 128 0.484 14.02 SE 14 125 1420 0.5  

25 USA Bullock Draw Dike HD 5.79 4.3 1.13 3.05 P 5.59 12.5  

26 USA Butler, Arizona HD 0 7.16 O 7.16 62.5 810  

27 USA Canyon Lake, USA HD 6.1 152 0.985 O  0.1  

28 USA Castlewood, Colorado CD 21.34 4.9 4.23 21.6 O 21.3 44.2 3570 ME 

29 USA Caulk Lake, Kentucky 0 11,1 P/S 12.2 35.1  

30 USA Cheaha Creek, USA ZD 7.01 4.3 0.069 O  5.5  

31 USA Clearwater Lake Dam HD 0 4.05 O 3.78 22.8  

32 USA Davis Reservoir CD 11.89 6.1 58 11.58 P 11.9 510 ME 

33 USA Dells DC 18.3 13 18.3 O 18.3 - 5440 0.67 HE 

34 USA DMAD, Utah HD 8.8 19.7  793  

35 USA East Fork Pond River 0 9.8 P 11.4 17.2  

36 USA Elk City, Oklahoma CD 9.14 4.9 564 0.74 9.44 O 9.14 36.6 ME 

37 USA Emery, California 0 6.55 P 8.23 10.8  

38 USA Fogelman, Tennessee 0 11.1 P 12.6 7.62  

39 USA Fred Burr, Montana HD 10.4 0.752 10.2 P 10.4 654  

40 USA French Landing HD 12.19 2.4 0 8.53 P 14.2 27.4 929 0.58  

41 USA Frenchman Creek HD 12.5 6.1 21 10.8 P 12.5 54.6 1420 ME 

42 USA Goose Creek HD 6.1 3 10.6 1.37 O 4.1 26.4 565 <0.5  

43 USA Grand Rapids, USA DC 7.62 3.7 441 0.22 6.4 O 6.4 19 0.5 ME 

44 USA Granite Creek, Alaska 0  1841  

45 USA Haas Pond, Connecticut 0 2.99 P 3.96 10.7  

46 USA Hart, Michigan HD 4.3 0 10.7 P 10.8 73.9 HE 

47 USA Hatchtown, Utah ZD 19.2 6.1 238 14.8 16.8 P 18.3 151 3080 3  

48 USA Hatfield, USA 6.8 12.3 6.8 91.5 3400 HE 

49 USA Hebron, USA HD 11.58 3.7 0 12.19 P 15.3 45.7 2.25  

50 USA Hell Hole, California HD 67.06 21.3 30.6 35.1 P 56.4 121 7360 ME 
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No. Country Dam name 
Dam  
type 

hd  
(m) 

W  
(m) 

L  
(m) 

V (106)  
(m3) 

hw (m) FM hb 
(m) 

Bavg  

(m) 
Qp (m

3/s) 
tf (hr) E 

51 USA Herrin, Illinois ZD 4.6 0 10.7 O 10.7 47.2  

52 USA Horse Creek, Colorado HD 12.19 4.9 701 21 7.01 P 12.8 73.1 ME 

53 USA Hutchinson Lake Dam HD 0 4.42 O 3.75 33.4  

54 USA Iowa Beef Processors HD 4.57 305 0.333 4.42 P 4.57 16.8  

55 USA Ireland No. 5, Colorado HD 2.4 0 3.81 P 5.18 13.5 110  

56 USA Jacobs Creek 0 20.1 P 21.3 17.5  

57 USA Johnston City, Illinois HD 4.27 1.8 0.575 3.05 P 5.18 8.23  

58 USA Johnstown (South Fork) ZD 38.1 3.05 284 18.9 24.6 O 24.4 94.5 8500 ME 

59 USA Kelly Barnes, Georgia HD 11.58 6.1 0.505 11.3 P 12.8 27.3 680 0.5 HE 

60 USA Kendall Lake Dam HD 5.49 128 0.728 O   

61 USA Kraftsmen's Lake HD 0 3.66 O 3.2 14.5  

62 USA La Fruta, Texas HD 4.9 0 7.9 P 14 58.8  

63 USA Lake Avalon HD 14.5 7.75 13.7 P 14.6 130 2320 2  

64 USA Lake Barcroft HD 21.03 3.12 O 11 >1  

65 USA Lake Frances HD 15.24 4.9 0.865 14 P 17.1 18.9 1 ME 

66 USA Lake Genevieve HD 0 6.71 P 7.92 16.8  

67 USA Lake Latonka HD 13 6.1 1.59 6.25 P 8.69 39.2 290 3 ME 

68 USA Lake Philema HD 0 9 O 8.53 47.2  

69 USA Lambert Lake HD 0 12.8 P 14.3 7.62  

70 USA Laurel Run HD 12.8 6.1 0.385 14.1 O 13.7 35.1 1050  

71 USA Lawn Lake, Colorado HD 7.9 2.4 0 6.71 P 7.62 22.2 510  

72 USA Lily Lake, Colorado HD 0 3.35 P 3.66 10.8 71  

73 USA Little Deer Creek, Utah HD 26.21 6.1 1.73 22.9 P 27.1 29.6 1330 0.33 HE 

74 USA Long Branch Canyon 0 3.17 P 3.66 9.14  

75 USA Lower Latham, Colorado HD 4.6 7.08 5.79 P 7.01 79.2 340  

76 USA Lower Otay, California CD 41.15 3.7 172 49.3 39.6 O 39.6 133 0.25 ME 

77 USA Lower Two Medicine HD 11.28 3.7 19.6 11.3 P 11.3 67 1800 HE 

78 USA Lyman, Arizona ZD 19.81 3.7 49.5 16.2 P 19.8 97 HE 

79 USA Lynde Brook HD 12.5 15.2 2.52 11.6 P 12.5 30.5 ME 
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No. Country Dam name 
Dam  
type 

hd  
(m) 

W  
(m) 

L  
(m) 

V (106)  
(m3) 

hw (m) FM hb 
(m) 

Bavg  

(m) 
Qp (m

3/s) 
tf (hr) E 

80 USA Mammoth, USA 21.3 13.6 S 21.3 9.2 2520 3 ME 

81 USA Martin Cooling Dike FD 136 8.53  186 3115 HE 

82 USA Melville, Utah ZD 10.97 3 0 7.92 P 9.75 32.8  

83 USA Merimac (Upper) HD 0 3.44 O 3.05 14.2  

84 USA Mill River CD 13.1 2.5  1645 0.33  

85 USA Mossy Lake Dam HD 0 4.41 O 3.44 41.5  

86 USA Nahzille, New Mexico HD 5.49 130 0 O 5.03 6.71  

87 USA North Branch Tributary HD 5.5 0 5.49  29.4 LE 

88 USA Oakford Park, USA DC 6.1 2.6 107 0 O 4.6 1  

89 USA Otter Lake, Tennessee HD 0 5 P 6.1 9.3 ME 

90 USA Otto Run, USA HD 5.8 0 5.79  60  

91 USA Pierce Reservoir HD 3.1 0 8.08 P 8.69  

92 USA Potato Hill Lake HD 7.3 0 7.77 O 7.77 16.5 ME 

93 USA Prospect, Colorado HD 4.3 0 1.68 P 4.42 88.4 116 HE 

94 USA Puddingstone HD 0 15.2 O 15.2 480  

95 USA Quail Creek, Utah HD 0 16.7 P 21.3 70 3110 ME 

96 USA Rainbow Lake HD 11.3 0 10 O 9.54 38.9  

97 USA Renegade Resort Lake 0 3.66 O 3.66 2.29  

98 USA Rito Manzanares HD 7.32 3.7 0.0247 4.57 P 7.32 13.3 HE 

99 USA Sandy Run HD 8.53 0.0568 8.53 O  435  

100 USA Schaeffer, Colorado DC 30.5 4.6 335 3.92 30.5 O 30.5 137 4500 0.5 HE 

101 USA Scott Farm Dam No. 2 0 10.4 P 11.9 15  

102 USA Sheep Creek, USA HD 17.07 6.1 1.43 14.02 S 17.1 22 ME 

103 USA Sherburne, USA DC 10.36 91.4 0.042 S  960 2  

104 USA Sinker Creek, USA HD 21.34 3.33 21.34 S 21.3 70.6 2  

105 USA South Fork Tributary HD 1.8 0 1.83  122  

106 USA Spring Lake HD 5.49 2.4 0.135 5.49 P 5.49 14.5 HE 

107 USA Statham Lake Dam HD 0 5.55 O 5.12 21 ME 

108 USA Swift, Montana CD 57.61 226 37 47.85 O 57.6 225 24947 short ME 
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No. Country Dam name 
Dam  
type 

hd  
(m) 

W  
(m) 

L  
(m) 

V (106)  
(m3) 

hw (m) FM hb 
(m) 

Bavg  

(m) 
Qp (m

3/s) 
tf (hr) E 

109 USA Taum Sauk HD 31.5 5.39 OT  - 7743 -  

110 USA Teton, Idaho ZD 92.96 10.7 356 77.4 P 86.9 151 65120 4 ME 

111 USA Timber Lake HD 9.3 0 7.33 O 7.32 56.7 - - - 

112 USA Trial Lake, Utah 0 5.18 P 5.18 21 ME 

113 USA Trout Lake 0 8.53 O 8.53 26.2  

114 USA Upper Pond 0 5.18 O 5.18 16.5 ME 

115 USA Wheatland No. 1 HD 13.6 6.1 11.5 12.2 P 13.7 35.4 1.5  

116 USA Wilkinson Lake Dam HD 0 3.57 P 3.72 29 HE 

117 USA Winston DC 7.32 2.1 133 0.664 6.4 O 6.1 19.8 5 LE 

118 China Qielinggou HD 18 0.7 18 O 18 - 2000 0.17 HE 

119 China Baimiku HD 8 0.2 8 O 8 - - - ME 

120 China Banqiao DC 24.5 492 31 O 29.5 291 78100 5.5 HE 

121 China Bayi HD 30 30 28 P 30 40 5000 - ME 

122 China Chenying HD 12 4.25 > 12 O 12 - 1200 1.83 ME 

123 China Dalizhuang HD 12 0.6 12 O 12 - - - ME 

124 China Danghe DC 46 15.6 24.5 O 25 58 2500 3 LE 

125 China Dongchuankou HD 31 27 31 O 31 - 21000 - HE 

126 China Dushan HD 17.7 0.67 17.7 O 17.7 - - - ME 

127 China Erlangmiao HD 12.1 0.196 9 O 9 18.8 - - ME 

128 China Fengzhuang HD 10 0.625 > 8 O 8 35 - - ME 

129 China Gouhou FD 71 3.3 44 P 48 99.5 2050 2.33 LE 

130 China Hougou HD 8 0.24 8 O 8 20 - - ME 

131 China Huoshishan HD 13 0.22 16 O 16 30 - - HE 

132 China Huqitang HD 9.9 0.734 5.1 P 9 7.5 50 4 LE 

133 China Jiahezi HD 18 80 12 P 18 - - - HE 

134 China Lijiaju HD 25 1.14 25 O 25 - 2950 - ME 

135 China Liujiatai DC 35.9 40.54 35.9 O 35.9 - 28000 - ME 

136 China Longtun DC 9.5 30 > 9.5 O 9.5 - - - HE 

137 China Mahe HD 19.5 23.4 > 19.5 O 19.5 - 4950 - HE 
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No. Country Dam name 
Dam  
type 

hd  
(m) 

W  
(m) 

L  
(m) 

V (106)  
(m3) 

hw (m) FM hb 
(m) 

Bavg  

(m) 
Qp (m

3/s) 
tf (hr) E 

138 China Niujiaoyu DC 10 0.16 7.2 P 7.2 13 - 3 LE 

139 China Shangliuzhuang HD 14 0.11 14 O 14 - - - ME 

140 China Shanhu HD 11.5 2.15 12.5 P 13 41 - - HE 

141 China Shilongshan HD 14 2.06 14 O 14 - - - ME 

142 China Shimantan HD 25 94.4 27.4 O 25.8 367 30000 5.5 HE 

143 China Tiemusi HD 12 0.11 12 O 12 - - - HE 

144 China Tongshuyuan HD 13 0.4 > 10 O 10 - - - ME 

145 China Wanshangang HD 13 1.5 > 12 O 12 40 - - ME 

146 China Yuanmen HD 19.2 6.4 19.2 O 19.2 - - 0.5 HE 

147 China Zhonghuaju HD 16 0.14 16 O 16 - - 0.4 HE 

148 China Zhugou DC 23.5 15.4 23.5 O 23.5 135 11200 0.43 HE 

149 China Zuocun DC 35 40 35 O 35 - 23600 1 HE 

150 Argentina Frias, Argentina CD 62.2 0 O 15 0.25  

151 Brazil Euclides de Cunha HD 53.04 13.6 58.22 O 53 1020 7.3  

152 Brazil Oros, Brazil ZD 35.36 5 650 35.8 O 35.5 165 9630  

153 Brazil Salles Oliveira, Brazil HD 35.05 25.9 38.4 O 35 168 7200 2  

154 Canada Cougar Creek, Alberta 0 11.1 O 10.4  

155 Canada Erindale, Canada DC 10.67 213 0 O 4.6 <0.5  

156 England Bradfield, England HD 28.96 382 3.2 P  1150 <0.5  

157 Germany Frankfurt, Germany HD 9.75 0.35 8.23 P 9.75 6.9 79 2.5 LE 
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Appendix B 

MIKE by DHI 
 
The MIKE software was developed by the Danish Hydraulic Institute (DHI). MIKE-11 

is 1-D model that uses the Dambreak (DB) module to simulate a dam breach. From this 

dam breach, the outflow hydrograph can then be fed any other flood routing software 

and then the floodwave downstream routing can be done. MIKE11 is a software 

package that consists of many different modules. These modules are stated under the 

following headings that are hydrodynamic module (HD), advection-dispersion (AD), 

and water quality (WQ). This research work is basically focused on the use of 

hydrodynamic module (HD). 

The hydrodynamic module uses an implicit, finite difference scheme, to calculate 

unsteady flows in rivers and estuaries. Depending on the local flow conditions, it can 

describe supercritical as well as subcritical flows within the river or estuary. Other 

computational models can be included within the HD module to describe dam breaks or 

flow around structures. 

 
B.1 Bed Resistance 

MIKE11 can use multiple methods including Chezy, Manning, and Darcy-Wiesbach to 

calculate the bed resistance. The desired method can be chosen within the 

Hydrodynamic Parameters Editor under the Bed Resistance tab. 

The bed resistance term within the momentum equation using Chezy is: | |
 

[1] 

 

where, Q is the flow, A is the river cross-section area, and R is the hydraulic radius. The 

bed resistance term using the Manning equation is: 

 | |⁄  
[2] 

 

 

where, M is the Manning number and it is equivalent to the Strickler number or the 

inverse of the Manning. Therefore, M ranges between 100 and 10 as n usually ranges 
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between 0.01 and 0.10. The Chezy coefficient and Manning’s number can be correlated 

by: = ⁄ = /  
[3] 

 

B.2 Hydraulic Radius 

The hydraulic radius for a cross-section with a constant resistance is equal to the cross-

sectional(c/s) area divided by the wetted perimeter and it can be found for each cross 

section. The hydraulic for multiple relative resistance factors can be found by using: 

= ∑ ⁄
 [4] 

 It is possible to split each cross-section into a main channel and one or two flood plains 

with the help of MIKE11. This is done by marking the channel banks and with the help 

of this the cross-section will be divided into three parallel channels. The hydraulic 

parameters for each of the channels are then can be computed. 

 

B.3 Additional Resistance due to Vegetation 

Additional resistance due to vegetation can be calculated by using the dimensionless 

Darcy-Weisbach coefficient. The Darcy-Weisbach coefficient can be found using: 

 1√ = −2 log 14.94  
[5] 

 

After rearrangement yields: = 12 log 14.94  
[6] 

 

where,	  is the Darcy-Weisbach resistance factor, ks is the resistance number, and R is 

the hydraulic radius. 
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The dimensionless Darcy-Weisbach coefficient can also be expressed by using: 

= 8
 

[7] 

where, g is the acceleration due to gravity and C is the Chezy coefficient. 

The amount of bottom shear created by the velocity distribution between the main 

channel and the flood plains can be estimated by using the Darcy-Weisbach coefficient. 

A coefficient is determined for the interaction occurring between the left and the right 

flood plain with the main channel. These interactions occur at M4 and M5 in Figure b.1. 

 

Figure b.1: Interaction location between flood plain and main channel 

 

B.4 Boundary Conditions 

Boundary conditions are needed at the upstream and downstream ends of the river that 

has to be modelled. The relationships that can be applied at the boundary conditions are: 

constant values of h or Q, varying values of h or Q, or a rating curve that shows the 

relationship between h and Q (this can be used only at the downstream boundary). 

The type of boundary condition that is selected should depend on the situation and the 

data available. A constant inflow from a reservoir or an inflow hydrograph should be 

included in the typical upstream boundary conditions.  A constant water level, a time 

series of water level, or a reliable rating curve from a gauging station should be included 

in typical downstream boundary conditions. 

 

B.5 HD Coefficients 

Within the HD module default valves have been set for multiple HD parameters. If 

necessary this can be changed by the user. These HD parameters include: 

 Alpha Coefficient: Default value is 1.0. It is used as the velocity distribution 

Coefficient in the momentum equation. 
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 DELH Coefficient: Default value is 0.1. During low flow conditions DELH 

controls the depth and top elevation of the slot. The slot starts at a height of 

DELH off the bottom of the river and continues to a depth of 5*DELH. 

 DELHS Coefficient:  Default value is 0.01.  DELHS helps to prevent the 

instabilities when the water surface gradient across a structure changes direction. 

The difference in water level across a weir can be specified by DELHS to obtain 

a stable solution. 

 DELTA Coefficient: Default value is 0.5 that has no dissipative effect and the 

value of 1.0 has a maximum influence. In the numerical scheme, the forward 

centring of the dh/dx term has a dissipating influence that can be demonstrated 

by Taylor-series. 

 EPS Coefficient: Default value is 0.0001. This is used in approximating the 

diffusive wave. The river becomes upstream centred if the slope of the water 

surface becomes larger than EPS. 

 FroudeExp: In the Momentum equation for supercritical flow the convective 

terms is suppressed by using FroudeExp. If there is a negative value for 

FroudeExp or FroudeMax then the default suppression is applied. 

 FroudeMax: In the Momentum equation the convective terms is suppressed by 

using FroudeMax. As stated above in FroudeExp, if there is negative valve for 

FroudeMax then the default suppression is applied. 

 Inter1Max: Default value is 10. For a structure to find a solution around it, it 

can be used to know the maximum number of iterations that have to be 

completed in a given time step.  

 MaxIterSteady: Default value is 100. It can be used to know the maximum 

number of iterations that have to be completed to find a solution for steady state 

water profile while completing an autostart with initial conditions. 

 NODE Compatibility: By the name we can understand it that the calculations 

that have to be done on different nodes should be completed either with water 

level compatibility or with energy level compatibility and it is for sure that water 

level compatibility has to be considered as energy level compatibility is not yet 

available.  

 NoITER: Default value is 1. It is the maximum number of iterations that have to 

be conducted in each step so as to obtain a solution.  
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 Theta: Default value is 1. In the momentum equation it is used to signify the 

resistant term. 

 ZetaMin: It is an optional parameter for the user’s input. ZetaMin is used around 

a structure to calculate the minimum summation of head loss.  

 

B.6 Computational Grid 

Selecting the computational grid is the most important part of modelling. A 

computational grid is stated as good if it will not consist of various problems. To avoid 

such problems few guidelines are given below:- 

• Topographical information about the entire area that has to be studied, should be 

available. 

•  All boundary conditions should be known. 

• To let the study are unaffected the boundary should be plotted far away from the 

study area. 

• The branches in the river should be kept as low as possible. 

•  Selecting a right grid size is mandatory. If the user is inexperienced then this 

process should be done on trial and error basis. Initially a model should have a 

small grid space that can be increased subsequently.   

 

B.7 Cross Sections 

The cross-sections are inserted by x-z coordinates and should be selected so as to give 

the topographical information about the area that has to be studied. The selected cross-

section should almost be perpendicular to the flow. The transverse distance from the top 

of the left bank is the x-coordinate. The elevation of the corresponding bed from the x-

coordinate is the z-coordinate. A resistance value such as manning, and many more can 

be applied for each point.  

In a cross-section, the number of points and the corresponding cross-sections has to 

be determined both physically as well as mathematically. Physically the number of 

cross-sections that is selected should be enough to show the change in the slope of the 

channels well as the changes that occur within the cross-section. Mathematically, while 

selecting the computational grid, the number of cross-sections is considered. All this 

information is used in the cross-section editor tool. 
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While simulation, the model banks will extend directly upward if the water level in the 

cross-section is higher than the inserted data (Figure b.2). When the cross-section is 

designed, the user should select a larger area so as to prevent the extension of cross-

section. By default the model will let the user know if the water level has extended four 

times the given cross-section. 

 

Figure b.2: Area above maximum height (from DHI Water & Environment, 2009) 

 

B.8 Dambreak Structure 

A dam break structure is a structure that represents the overflow of a dam as well as the 

actual breach of a dam. Such a structure can be used in MIKE11 for dam breach 

simulation. The breaching of a dam break structure can be a result of overtopping or 

piping. 

Two different methods can be used to induce a breach in a dam break structure. The 

first method is to describe the flow that is going through the dam breach by using the 

energy equation. The second method was presented by the National Weather Service in 

DAMBRK that is to use the numerical method. To calculate the dam breach, energy 

equation is used in this project as BREACH is an updated version of DAMBRK. 

The flow over a dam is similar to the flow over a broad crested weir while using the 

energy equation, but has some exceptions too. Firstly, with time the dam shape will 

change, the dam crest will decrease and the breach increases. Secondly, for the crest and 

the breach the flow-height relationships are different. Figure b.3 represents the 

combined flow. 
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Hence, separate calculations should be done to calculate the flow separately for the crest 

and for the breach.                  

 

Figure b.3: Combined flow over the Dam (from DHI Water & Environment, 2009) 

 

The erosion based method can breach a dam either as a trapezoidal section or as a 

circular piping failure. The breach size increases and the change in shape are observed 

while developing the trapezoidal breach. The initial trapezoid breach shape such as the 

breach bottom level, corresponding breach width and the slope of the sides data are put 

in by the user. After all this process the breach is developed which depends on the flow 

capacity of sediment transportation or as a known function of time. For this project, it is 

assumed that the development of breach is not known so it will be developed on the 

basis of sediment transport capacity of the flow. 

The data related for the breach geometry that is a function of time is feed into the 

boundary editor. All input data should be obtained for the start of the breach and if any 

missing time will be there between the inputted times then it can be obtained by 

interpolation. For example, in Figure b.4 the breach geometry for time 0hr and 1hr is 

given and it is represented by a solid line, so for 0.5hr the breach geometry will be 

obtained by interpolation and is represented by dashed line.  

 

 

Figure b.4: Breach interpolation (from DHI Water & Environment, 2009) 
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The initial and final breach shape should be used into the model while using the energy 

equation for the development of breach due to erosion. To calculate the transportation of 

sediment into the breach, the Engelund-Hansen equation is used. The Engelund-Hansen 

equation is written below: Φ = 0.1 θ /
 

[8] 

 Φ = q(s − 1)  [9] 

 = 2uu  [10] 

 

where, Φ is the sediment transport rate and is the dimensionless quantity, θ is the total 

shear stress and it is also a dimensionless quantity, q 	is the total bed material transport 

per unit width,  f is the friction factor,  uf  and u are the friction and current velocities. 

By using the Engelund formulation, calculation related to the flow resistance is carried 

out in terms of total shear stress (dimensionless). The critical shear stress is obtained 

from the Shield’s curve and it is inputted by the user into the model. The calculated 

shear stress and the critical shear stress is den compared and if the computed shear stress 

is greater than the critical shear stress then only the sediment transport occurs that have 

to be calculated.  

Engelund-Hansen method is used again to calculate the sediment transport rate (m2/s per 

m width of pure sediment) that must be converted up to the limit of lowering the breach 

level [Eq. (11)]. 

= (1 − ) [11] 

where,  is the breach level, t is time, is the sediment transport rate,  is the sediment 

porosity, and Lb is the length of the breach. 

Danish Hydraulic Institute have assumed the rate of sediment transportation on the side 

slopes is proportional to the sedimentation occurring on the breach channel bottom as 

modelling of the breach width change due to sediment transport was one of the most 
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difficult things because of all the classic theories for sediment transport do not take the 

steep side slopes into account. Equation 12 shows the relation: 

 = 2  
[12] 

where,  is width of the breach,  is height of the breach, and  is the proportionality 

constant ranges between 0.5-1. 

Based on erosion, modelling of pipe failure can also be done as it start by the flow 

formation through the dam and also the enlargement of the pipe is due to the sediment 

transportation until the dam collapse. Some of the assumptions made by DHI about the 

piping failures are: 

• The pipes are circular in shape. 

• The pipe is horizontal to the dam. 

• The pipe must always be below the waterline on the dam as it is always 

running full.  

• The model will change the dimensions of the pipe if the location of the 

centre of the pipe in  not in the final breach area and the limiting 

section.(Figure b.5) 

 

 

Figure b.5: Adjusted pipe cross-section (from DHI Water & Environment, 2009) 

 

The dam will fail if a ratio of the diameter of the pipe and the distance between the dam 

crest and the pipe obvert becomes equal. This ratio is given by user in the starting of the 

dam- breach model. (Figure b.6) 
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Figure b.6: Collapse ratio (from DHI Water & Environment, 2009) 

 

Figure b.7 shows the shape of the breach while dam collapse. When the breach occurs, 

the breach bottom width is equal to the pipe diameter. The bottom of the breach and the 

pipe invert will be at the same elevation. flost is used to calculate the amount of material 

that will settle on the bed of the breach. This is the fraction of the total collapsed 

material that is going to wash away instantly. The unwashed material will be distributed 

evenly over the breach bed width. 

 

Figure b.7: Breach shape after collapse (from DHI Water & Environment, 2009) 

 

The pipe flow is another parameter that has to be calculated by the model using the 

following equations: 

 

= 2 Δ1.5 + 4  
 

[13] 

 1 = 2 log 12
 

[14] 

 Δ = ℎ − (ℎ , ) [15] 
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where, 	is the pipe flow, A is the cross-sectional area of the pipe, g is gravity, f is the 

Darcy friction factor, R is the hydraulic radius, ℎ is the upstream water level, ℎ  is the 

downstream water level, and  is the pipe overt. The depth of water to calculate the 

sediment transport is calculated by: = 2 +  
[16] 

where, 	is the depth of water, Δ  is calculated above, and D is the pipe diameter. 

 The area of sediment lost and newly obtained effective transport area is used to 

calculate the change in pipe diameter. [Eq. (17)] 

 Δ = 2 (1 − )Δ  [17] 

 

where,  is the coefficient of calibration that is used as one of the parameters of 

erosion.  

 

B.9 Types of Flow Used in Model 

There are basically three types of flow from which a user can select, depending on the 

problem. The selection of the type of the flow should be done appropriately for the 

simulation of the problem. The three types of flow are stated below: 

 Dynamic Wave Approach: Full momentum equation is used in this approach. In 

this approach it is assumed that the inertia of the water body changes. It allows 

the model to simulate tidal flows and others as it includes all the acceleration 

forces and also allows backwater profiles calculation. This should be used in 

river systems where the small water surface slope, small bed slope, and low bed 

resistance factors are provided. Saint-Venant Equations is the governing 

equation in this type of flow that is covered later in this study. 

 Diffusive Wave Approach: This model ignores all the inertia terms and uses 

certain terms such as bed friction, gravity, and hydrostatic gradient terms in the 

momentum equation. This model is used where bed resistance is very large and 

back water analyses is needed and is not used for tidal flows. 

 Kinematic Wave Approach: This model works on an assumption that the gravity 

and friction forces are in equilibrium and the backwater has no effect on the 
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flow of the river. Rivers that have really steep slopes come under this category. 

The latter and this approach should only be used when the terms that are not 

considered while calculating the flow have hardly any effect on the model. 

Though these models have good computational efficiency but it is better to use 

dynamic wave approach. 

 

B.10 Initial Conditions 

Initially the user has to select the conditions under which the simulation has to be done. 

These initial conditions can be either: 

1. User Specified – This selection will allow the user to select and enter the initial 

conditions into the simulation editor under the simulation tab. 

2. Auto Start, Quasi-Steady Solution – An automatic calculation is performed in 

which the water levels and discharges are determined by using the boundary 

conditions given at the start. This can be done by using a steady state version of 

the Saint Venant Equations. The model perform iterations to find correct 

discharge value into each branches. 

3. Hot Start – A hot start uses the conditions from the existing result file as an 

initial condition for the running model if required.  

4. Combined Auto Start and User-Specified Initial Conditions – There are some 

user defined initial condition that has to be completed because without this the 

autostart will not be able to complete the work. Hence some of the initial 

conditions should be inputted by the user to accompany autostart. 

 

B.11 Kinematic Routing Method 

MIKE11 uses two routing methods that are the Muskingum method and the 

Muskingum-Cunge method to determine the spatial variation of the discharge at 

kinematic routing branches. This method works on discharge-storage relationship to 

obtain values for discharges at previous time steps. 

 

B.12 Saint-Venant Equations 

MIKE11 applied Saint-Venant Equations i.e. equations of conservation of energy and 

momentum to solve the dynamic wave model. This equations works on following 

assumptions: 
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• The water is incompressible and homogeneous. 

• The cosine of the angle that the slope makes with the horizontal is equal to 1. 

• Hydrostatic pressure is taken into account and the acceleration in waves can be 

neglected as it is very large as compared to the depth of the water. 

•  The flow is considered to be subcritical. 

 

MIKE11 uses the following set of equations: 

+ =  
[18] 

 

+ + ℎ + | | = 0 

[19] 

 

where, Q is the discharge, A is the flow area, q is the lateral inflow, h is the stage above 

datum, C is the Chezy resistance coefficient, R is the hydraulic or resistance radius, and 

 is the momentum distribution coefficient. 

 

B.13 Steady State Energy Equation 

The steady state energy equation can be used when the energy equation is selected in the 

“Quasi Steady” HD parameter editor. A set up of the energy equation can be seen in 

Figure b.8. 

 

 

Figure b.8: Energy equation set up (from DHI Water & Environment, 2009) 
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The steady state energy equation used in the model is given as: 

 + 2 = + 2 + ℎ  
[20] 

 

where, H1 and H2 are the water levels in the cross sections, Q is the discharge, and  

are the velocity distribution coefficients, g is the acceleration, A1 and A2 are the flow 

areas, ℎ  is the energy head loss,  is the user defined velocity distribution 

coefficient and  is the suppression factor. and are calculated by using: 

 

α = + +2  

[21] 

 

where, KLF , KCH and KRF are the conveyance for the left floodplain, channel, and right 

flood plain, and ALF, ACH, ARF are the flow area for the left floodplain, channel, and right 

flood plain. The conveyance for each section is found using: 

 = /
 

[22] 

 

where, n is the Manning’s coefficient, A is the area, and R is the hydraulic radius.  

depends on the Froude number and it is found by using: 

 = 1 − 		 	 ≤ 10														 	 > 1  
[23] 

 

where, the Froude number is found by using the equation: 

 = ,  
[24] 

 


